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ABSTRACT 
In the absence of comprehensive and statistically viable observational damage data, there 
is a pressing need for simulation-based fragility relationships for populations of structures 
so as to improve the reliability of earthquake loss assessment studies. In this report, 
improved fragility relationships for populations of buildings are developed based on 
inelastic response analysis. Special focus is placed on the class of woodframe buildings 
which constitutes the majority of exposed stock in many regions of the USA. The 
capacity curves are retrieved from the available finite element based pushover analysis in 
the relevant literature. Extension to other building types is performed using the available 
capacity diagrams from the FEMA-developed loss assessment software HAZUS. 
Demand is simulated by synthetically-generated ground motions representing a probable 
earthquake in the Central USA. Structural assessment is carried out using an advanced 
Capacity Spectrum Method (CSM) which is developed and presented in the report. Thus, 
all the required components of fragility analysis – namely capacity, demand, and 
structural response – are based on rigorous analysis. Using the building classification of 
the HAZUS loss assessment software, both HAZUS-compatible and conventional 
fragility relationships are derived for two different soil conditions. Comparisons with 
HAZUS fragility curves as well as with those from other studies are undertaken. The 
parameters of the improved fragility relationships are provided for reliable use in loss 
assessment software. 
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CHAPTER 1  
INTRODUCTION 
1.1. PREAMBLE 
Earthquakes have been one of the major challenges that humankind has faced since the 
dawn of civilizations. As the population increases, along with the need for construction, 
the importance of engineering in design also increases. The significance of earthquake 
resistant design is underlined by many recent disasters, such as the 1999 Kocaeli 
(Turkey) and ChiChi (Taiwan), 2001 Bhuj (India), 2003 Bam (Iran), 2004 Sumatra 
(Indonesia), 2005 Kashmir (Pakistan), 2006 Jakarta (Indonesia) and 2007 Ica (Peru) 
Earthquakes. These earthquakes killed hundreds of thousands of people and cost billions 
of dollars of economic losses, which in most cases constituted a large portion of the 
affected country’s gross national product. The above listed earthquakes are some of the 
most recent of many others in the last century – 1908 Messina (Italy); 1920 Kansu, 1927 
Tsinghai, 1976 Tangshan (China); 1923 Kanto, and 1995 Hyogo-ken Nanbu (Japan) 
Earthquakes –where the total death toll amounts to almost three quarters of a million. On 
average earthquakes cause 10,000 deaths and approximately $10 billion in economic 
losses each year. In addition, among natural disasters earthquakes are the second leading 
cause of death. This summary indicates how serious the consequences of earthquakes are, 
and suggests the necessity of investigating and planning in order to reduce the potential 
loss in future events. 
The New Madrid Seismic Zone (NMSZ), also known as the Reelfoot Rift or the New 
Madrid Fault Line is a major seismic zone in the Central and Eastern United States 
(CEUS) stretching to southwest from New Madrid, Missouri. In 1811 and 1812 four 
earthquakes occurred on the New Madrid Fault. The first two earthquakes occurred in the 
northeast Arkansas on December 16, 1811 with estimated magnitudes of 7.7 and 7. 
Months later, on January 23 and February 7, 1812, two more earthquakes with 
magnitudes estimated as 7.6 and 7.9 occurred in southern Missouri. The earthquake 
occurring on February 7 is the largest earthquake ever recorded in the contiguous United 
States. Due to the soil profile of CEUS having slow attenuation properties, the 
earthquakes were felt as far as New York City, Boston, and Washington, D.C. At the time 
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of these earthquakes this region of the U.S. was not largely populated except St. Louis, 
Missouri, where a majority of homes and small businesses (mostly made of wood) 
suffered substantial damage or collapsed entirely. Other than these, landslides, mangled 
trees and large depressions and uplift due to ground failure were reported. Since the 
1970’s thousands of earthquakes have been recorded in the region. To conclude, NMSZ 
is an active, low-probability-high-consequence earthquake region having the potential to 
produce destructive earthquakes every 300 to 500 years. 
The main objective of the Mid America Earthquake (MAE) Center is to minimize the 
consequences of future earthquakes across hazard-prone regions, including but not 
limited to CEUS. Consequence-based risk management (CRM), a concept developed and 
applied by the MAE Center, is a powerful tool for addressing issues of earthquake impact 
assessment, mitigation, response, and recovery that increasingly affect vulnerable 
communities. These studies aim to estimate the possible consequences of earthquakes 
such as deaths and injuries, property losses, earthquake induced homelessness, collateral 
hazards such as fault ruptures and liquefaction, damage and/or functional losses to 
industries, lifelines, and emergency care facilities, and indirect losses such as earthquake 
induced fire, damage from the release of hazardous materials, and the impact on the 
economic well-being of the urban area or region. Within the context of CRM, loss 
assessment studies are being carried out by the MAE Center for different cities around 
the world such as Istanbul, Muzaffarabad, and Jakarta, in addition to those for CEUS. 
The three fundamental components of the above mentioned loss assessment studies can 
be listed as hazard, inventory, and fragility. Hazard is defined as an event which threatens 
to cause injury, damage, or loss, such as the ground shaking in the case of earthquake loss 
assessment. Hazard is generally described as either being deterministic or probabilistic, 
and it should reflect the characteristics of the expected event in the region under 
consideration. Inventory includes the required information (for the assessment study) on 
the infrastructure of the subject region. And finally, the fragility component relates the 
hazard (or exposure) to exceedance probabilities of certain damage states (or losses) 
linking the inputs (hazard and inventory) to the outputs of the study (e.g. fatalities, 
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economic losses). The exceedance probabilities are in turn used to obtain social and 
economic consequences through damage factors and socio-economic impact models. 
This report addresses fragility relationships – specifically, those that relate ground motion 
intensity to structural damage probabilities – and it proposes a new framework for 
improved fragility analysis of populations of buildings. For further investigation, the 
fragility relationships are naturally divided into four components: the capacity of 
buildings, earthquake demand, methodology for structural assessment, and methodology 
for fragility curve generation. These four components form the structure of this document 
and whenever possible explanations are gathered under them. 
1.2. DEFINITION OF THE PROBLEM 
Uniformly-derived and analytically-based fragility relationships for populations of 
buildings are one of the major requirements of a reliable loss assessment study. However, 
until now little if any research is devoted to this topic. What follows is a description of 
the challenges such research presents, with particular attention paid to the previously 
listed four components of the framework. 
The inventory of a loss assessment study includes buildings from various construction 
materials, heights, aspect ratios, irregular features, and seismic design levels. To be able 
to accommodate the large variation in building capacity, a certain number of categories 
(herein building type seismic design level pairs are referred to as building categories) are 
defined so as to classify the building stock of inventory. Nevertheless, due to vast number 
of structural configurations, the variation in capacity of building for each category still 
remains significantly high. Since even a small modification in geometry or in material 
properties can totally alter the overall response of a structure, representing a building 
category requires inclusion of several structural configurations in the data set used to 
derive a representative model. It is impractical to design hundreds of structures for 
inelastic analyses and develop advanced models to represent all of them. Furthermore, 
fragility analysis entails assessment of each configuration under varying ground motion 
that renders the latter option infeasible in terms of computational effort as well as 
analysis time. Another option is the statistical analysis of post-earthquake observational 
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data. However this might be even more challenging than the previous option due to the 
scarcity of observational data and the requirements of having statistically viable samples 
of structures at similar damage states when subjected to different levels of ground 
shaking. Due to the above mentioned difficulties, many loss assessment studies rely on 
expert opinions for representing capacity, and uncertainty associated with this quantity, 
which can have an adverse impact on the analytical basis of fragility relationships. 
Therefore, the categories considered in a fragility analysis for populations of buildings 
should be comprehensive in order to cover the exposed stock and representation of the 
capacity of building for each category should characterize the real behavior to the 
required extent while being practical for a large number analysis. 
In a loss assessment study, earthquake demand can be established by deterministic (or 
scenario based) ground motion analysis or using probabilistic ground motion maps. In the 
former ground motion intensity (GMI) parameter, e.g. peak ground acceleration (PGA) or 
spectral acceleration, is calculated based on attenuation relationships for a given event 
while the latter utilizes spectral contour maps which provide the desired GMI parameter 
for the region of interest. Whichever method is chosen, the earthquake demand used in 
the derivation of the fragility relationships should be representative of the hazard. One 
possibility is to use the standardized code spectrum, formed of distinct parts, i.e. constant 
spectral acceleration, velocity, and displacement. Although this representation provides 
simplicity due to being based on a reasonable number of parameters, such as the 
magnitude, PGA, and amplification factors which are functions of the soil profile, the 
code spectrum is developed for design purposes and it has an inherent conservatism 
which is not fruitful to fragility analysis. More importantly design (or code) spectrum 
falls short in terms of characterizing the different features of the earthquake ground 
motion, e.g. site condition, distance, depth, fault rupture and frequency content among 
others. In addition, in this type of representation of earthquake demand, describing the 
variation (or uncertainty) associated with the code spectrum and scaling to satisfy 
different damage state levels involves several assumptions and simplifications. Another 
possibility is utilizing acceleration time histories as the demand component which allows 
better quantification of the variability (in terms of frequency content, duration, time 
varying amplitude, and site conditions, among others) in ground motion. Besides, the 
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aforementioned features of earthquakes can be accounted for with appropriate selection 
of the time histories.  
There exist several established methodologies for assessment of structures subjected to 
lateral loading. Detailed information on the available structural assessment techniques 
can be found in Chapter 2. However, since the objective here is to discuss the challenges 
of deriving fragility relationships for populations of buildings, the most important 
requirements on the methodology for structural assessment can be stated as its ability to 
predict displacement demands imposed on structures with acceptable accuracy and its 
feasibility in terms of the involved computational effort. With regard to the latter, 
fragility analysis of even one structural configuration requires considerable amount of 
computation time leading to the fact that this might be impractically high when a certain 
number of building categories each of which including different structural configurations 
are considered. Hence a feasible estimation method that still satisfies the accuracy criteria 
should be developed and adopted. Such a method should also be capable of incorporating 
the representations for the capacity of building and the earthquake demand. 
The methodology for fragility curve generation deals with the statistical evaluation of the 
structural response data. Since the outcome, i.e. the fragility relationships, will be used in 
earthquake loss assessment studies, they should conform to the input requirements of the 
latter. A case in point is that, HAZUS (National Institute of Building Sciences, 2003), one 
of the most widely used loss assessment software in USA, has a different format of 
fragility relationships than other commonly used ones in literature. Therefore, the 
outcome of the fragility analysis study should be provided such that it can be utilized by 
different earthquake loss assessment studies employing different software. Additionally, 
uncertainties such as those originating from modeling and limit state threshold 
determination should be incorporated into the methodology for fragility curve generation. 
One final remark is that the use of available fragility relationships in literature for 
different building configurations can be considered as an option for loss assessment 
studies, yet these studies do not include the uncertainty associated with the capacity of 
building that exists due to building categories including different structural 
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configurations. Moreover, it is very unlikely that similar structures will exist in the 
building stock, in which case representing a building type will require several 
relationships, deteriorating the uniformity of the analysis. 
1.3. OBJECTIVES AND SCOPE 
The aim of this study is to provide a new framework for developing fragility relationships 
for populations of buildings to be used in earthquake loss assessment studies. 
This report considers 36 building types with different structural configurations of wood, 
steel, concrete, and masonry structures, including mobile homes, which cover the vast 
majority of the building stock in the USA and elsewhere. These building types, which are 
based on National Earthquake Hazards Reduction Program (NEHRP - Federal 
Emergency Management Agency, 1998) classification come from HAZUS. Special focus 
is placed on woodframe building types.  Rigorous, synthetically generated ground motion 
records that conform to seismo-tectonic environment of the NMSZ provide the demand 
measure. 
Emphasis on woodframe buildings reflects two key elements of the study. First, the 
majority of the building inventory in CEUS is woodframe. Indeed, according at a MAE 
Center inventory 94% of all the buildings in Memphis area are of woodframe 
construction (French, 2007). Table 1.1 gives the statistics for the eight states in CEUS 
based on the default building inventory of HAZUS, which comes from publicly available 
data from several sources aggregated by the census tract (Technical Manual Chapter 3).  
Similar patterns exist in other regions in USA; for instance 96% of all buildings in Los 
Angeles County, 99% of all residences in California, and 80 to 90% of buildings stock in 
general are woodframe (Malik, 1995).  
Earthquake damage to woodframe structures and their consequences also highlight the 
importance of this building type. In 1994 Northridge Earthquake, 24 out of 25 fatalities 
(EQE International and the Governor's Office of Emergency Services, 1995) and more 
than half of the economic losses – approximately $20 billion – were caused by damage to 
woodframe buildings (Kircher et al., 1997b; Reitherman, 1998). In addition, 100,000 
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individuals were in need of shelter (Ellingwood et al., 2007) and 48,000 housing units 
were rendered uninhabitable (Perkins et al., 1998). Woodframe construction is also 
prevalent in other countries, Japan being a case in point. The second reason for paying 
particular attention to woodframe building types is to illustrate how capacity of building 
is treated within the proposed framework. 
Table 1.1. Woodframe building statistics for the eight states in CEUS 
State Number of Woodframe Buildings
Total Number of 
Buildings Percentage
Illinois 2,353,485 3,251,213 72.38 
Indiana 1,396,677 1,932,058 72.29 
Arkansas 835,172 1,143,135 73.06 
Alabama 1,264,870 1,679,567 75.31 
Mississippi 764,990 1,017,335 75.20 
Kentucky 1,060,993 1,473,443 72.01 
Tennessee 1,602,852 2,077,209 77.16 
Missouri 1,183,306 1,770,544 66.83 
Total 10,462,345 14,344,504 72.94 
Due to the scarcity of actual records of natural earthquakes, synthetically generated 
earthquake time histories which reflect the characteristics of seismic hazard in CEUS 
(Fernandez, 2007). Because the regional characteristics of the ground motions utilized 
matches that of CEUS, the fragility relationships provided in this study are particularly 
useful for earthquake impact assessment studies of regions within CEUS. However, the 
flexibility of the method proposed in this report makes the framework applicable to any 
region: it can be used with a different set of ground motions for developing fragility 
relationships in other seismic zones. 
As previously mentioned the structure of this document stems from the four components 
used in developing the framework. Chapter 2 provides a summary of previous studies on 
earthquake loss assessment, fragility relationships, and particularly on each of the four 
components. Chapter 3 is divided into two parts. In the first part capacity of building 
representation is described (first component), for the important group of woodframe 
buildings, a database of pushover curves is formed and the extension to other building 
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types is performed using the available set from HAZUS. Limit state definitions and how 
the variation in capacity is treated are also included. Whereas in the second part, details 
of the ground motion records are given (second component). Example time histories in 
addition to spectra in different formats are shown. Chapter 4 also contains two parts. The 
first part deals with the methodology for structural assessment (third component): the 
inadequacy of the available capacity spectrum methods (CSM) reveals itself in a test case 
of woodframe building. This report then proposes an advanced capacity spectrum method 
and validates it using the same building. The second part of Chapter 4 discusses two 
methods for fragility curve generation (fourth component). These methods allow 
providing the parameters of improved fragility relationships in both HAZUS compatible 
and conventional format. Finally in Chapter 5 all the components are brought together to 
yield the results of improved fragility relationships; comparisons with those from other 
studies are provided along with discussions. 
Figure 1.1 is an illustration of the developed framework. Pushover curves and time 
histories constitute the capacity of building and earthquake demand respectively. These 
first two components can be considered as inputs to the simulation engine which is the 
third component, i.e. the methodology for structural assessment. Structural response data 
obtained by analyzing the building capacity under the earthquake demand is processed by 
the methodology for fragility curve generation (fourth component) to yield the results. 
Limit states, which are determined from the pushover curves, are required at this step. 
The first two components are described in Chapter 3, and the last two are in Chapter 4, 
while the fragility relationships are presented in Chapter 5. 
Equation Chapter 2 Section 1 
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 CHAPTER 2  
LITERATURE REVIEW 
This chapter provides a summary of previous studies on the related aspects of the report. 
It first deals with literature on earthquake loss assessment and fragility formulations, and 
then discusses different approaches to capacity of building modeling and on performing 
structural assessment. 
Due to the increasing vulnerability of the communities particularly susceptible to 
earthquakes, several earthquake loss assessment studies have been carried out for 
different regions around the world. Below, in chronological order, are some selected 
examples on the latter. 
Earthquake Planning Scenario for a Magnitude 8.3 Earthquake on the San Andreas Fault 
in the San Francisco Bay Area (Davis et al., 1982) is one of the oldest studies 
investigating the possible impacts of earthquakes on communities. The work 
hypothesizes a repeat of the 1906 San Francisco Earthquake on the northern and 1857 
Fort Tejon Earthquake on the southern San Andreas Fault, respectively. The study 
estimates damage to essential facilities, e.g. highways, airports, and railways for 
emergency planning efforts. 
On account of the fact that that the Hayward fault is capable of producing earthquakes 
with equivalent or even greater damage potential than San Andreas Fault, Earthquake 
Planning Scenario for a Magnitude 7.5 Earthquake on the Hayward Fault, in the San 
Francisco Bay Area is prepared (Steinbrugge et al., 1987), providing a perspective on 
many of the plausible impacts of the scenario event: from transportation to utility lifelines 
to critical structures such as hospitals and schools. 
The Comprehensive Seismic Risk and Vulnerability Study for the State of South Carolina 
(URS Corporation et al., 2001) evaluates potential losses from four earthquake scenarios, 
three from the Charleston seismic source and the other representing an earthquake in 
Columbia, using HAZUS (National Institute of Building Sciences, 2003). For the 
scenario with a moment magnitude of 7.3, some of the conclusions are a total of $20 
billion (2000 dollars) economic losses, 45,000 casualties, approximately 900 fatalities 
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 (for a day time event), and 60,000 people in need of shelter. The results are proposed as a 
basis for the state of South Carolina to effectively plan and prepare for future damaging 
earthquakes. 
A study by the New York City Area Consortium for Earthquake Loss Mitigation (Tantala 
et al., 1999-2003) creates a risk and loss estimation model for the metropolitan New 
York, New Jersey, and Connecticut region using HAZUS. The study assembles the Tri-
State’s soil information in addition to compiling a detailed building inventory in order to 
study three earthquake scenarios with magnitudes 5, 6, and 7 located at the epicenter of 
1884 New York City Earthquake (M5.2). The work also estimates different expected 
losses over a given period of time by studying three probabilistic scenarios with 100, 500, 
and 2500 return periods. More than 1,000 fatalities, 2,000 hospitalizations, and 
approximately $39 billion total economic losses are predicted for the M6 scenario. 
A similar study aims to estimate the impacts of a 6.7 magnitude event generated by the 
Seattle Fault on the communities of the Central Puget Sound region (Washington Military 
Department, 2005). Again HAZUS is utilized for loss assessment purposes. Although 
default HAZUS building stock is used, special focus is placed on ground motion 
characterization and site classes. Soil data and shaking maps are provided to the software 
in addition to information regarding the ground failure hazards such as liquefaction, 
landslides, and the surface fault rupture. The predicted scenario losses include economic 
losses of about $33 billion, 1,600 deaths, and 24000 injuries. 
For the city of Istanbul a team of four different universities with funding from the 
Metropolitan Municipality of Istanbul made public a Master Plan on earthquake impact 
assessment in 2003 (Erdik et al., 2003). Building damage, casualties, financial losses, 
emergency sheltering needs, road blockage, fire, explosions and hazardous material 
release are estimated for a deterministic scenario earthquake of M7.5. More than 700,000 
buildings are taken under consideration for a population of 9.3 million. 
A recent study conducted at the MAE Center undertakes a comprehensive seismic risk 
assessment, response, and recovery plan for eight states in the NMSZ (Cleveland, 2006). 
Eight states in CEUS, i.e. Alabama, Arkansas, Illinois, Indiana, Kentucky, Mississippi 
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 and Tennessee are considered for the two levels of analysis. HAZUS is used for two 
levels of analysis: Level I improves soil maps and utilizes the default building inventory 
of the software. On the other hand, Level II study improved data on hazards focusing on 
site characteristics, ground motion attenuations, and new, upgraded inventory data. The 
study evaluates structural and non-structural damage to building stock and structural 
damage to essential facilities, utilities and transportation systems in addition to induced 
damage and direct social and economic losses. 
It is not possible to mention all the literature on earthquake loss assessment. However 
there have been similar studies undertaken for other cities around the world such as Basel 
(Fah et al., 2001), Lisbon (Dina et al., 1997; Ramos and Lourenco, 2004), Potenza (Dolce 
et al., 2006), among many others, with different scopes. 
Fragility relationships are one of the essential components of earthquake loss assessment 
studies in terms of relating ground shaking intensity with damage probabilities. Fragility 
curves can be classified into four categories – empirical, judgmental, analytical, and 
hybrid – based on the damage data used in constructing the curves. Records from post-
earthquake surveys are the main source of information for empirical curves, while 
judgmental fragility relationships resort to export opinion. As the name indicates, 
fragilities based on simulations are classified as analytical whereas any combinations of 
these are considered hybrid relationships. 
Observational data from after an earthquake is the most realistic method of deriving 
fragility relationships because all of the details of the building inventory are included in 
addition to topography, site, source characteristics, and soil-structure interaction effects. 
However, post-earthquake surveys do not include all the necessary information such as 
the building materials and seismic design provisions. They are also only carried out for a 
limited number of regions generally experiencing low damage from low ground shaking 
intensity (Orsini, 1999). These limitations necessitate combining earthquake damage data 
from different sources around the world into new studies that achieve a wider scope of 
application and minimize the uncertainty in deriving fragility curves. Spence et al. (1992) 
provides an example study that combines data from different earthquakes around the 
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 world. Nevertheless the available post-earthquake observational data is scarce and the 
requirement of having statistically viable samples of structures at similar damage states 
when subjected to different levels of ground shaking renders this option infeasible for 
deriving fragility relationships for building populations of different composition. 
Furthermore, vulnerability relationships for buildings with new configurations or 
materials that are not available in the databases cannot be obtained, precluding the 
benefits of this approach. 
Judgmental fragility curves for populations of buildings are generated based on the 
opinions of experts in the field of earthquake engineering. These experts are asked to 
decide the damage distributions as a function of earthquake intensity. Judgment based 
fragility relationships are not susceptible to the scarcity of data, which means that experts 
can provide damage estimates for any number of different structural types. Since the 
Experts also quantify the uncertainty of their estimates, fragility curves for a large 
number of structural types and building populations can be easily generated. For instance, 
although experts do not determine the parameters of fragility curves in HAZUS, the 
capacity diagrams utilized in the derivation of the fragility curves as well as the 
uncertainty associated with capacity of buildings and earthquake demand are based on 
judgment. Damage probability matrices and vulnerability curves of Applied Technology 
Council’s documents ATC-13 (1985) and ATC-40 (1996) also have judgmental basis to a 
certain extent. The reliability of judgment based curves is questionable owing to their 
dependence on the experience of the individuals consulted and lack of scientific basis. 
Moreover, it is not viable to determine the degree of conservatism involved in the 
decisions of these experts and it may be difficult to obtain reliable estimates in the case of 
new conditions where no experience is available. 
Analytical vulnerability relationships obtain statistical data from the simulation of 
structural models under increasing ground motion intensity. This results in reduced bias 
and increased reliability when compared to judgment based curves. Analytical fragility 
relationships are getting more and more popular with the advances in computational 
structural engineering which speed up the analysis process and render the modeling of 
complex components, e.g. infill walls or beam-column connections, possible. 
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 Nevertheless, there are still challenges involved with simulation such as the modeling of 
soil structure interaction and numerical collapse preceding the structural failure. 
Moreover, the detailed modeling of structural assemblages needs verification from 
experimental data most of the time. Significant research is devoted to derivation of 
fragility relationships using simulation of analytical models. Singhal and Kiremidjian 
(Singhal and Kiremidjian, 1997), and Erberik and Elnashai (Erberik and Elnashai, 2004), 
utilize 3D models for structural analysis whereas others adopt a simplified approach such 
as inelastic analysis of equivalent single-degree-of-freedom systems (Jeong and Elnashai, 
2007). 
Hybrid fragility relationships combine the three other alternatives listed above so as to 
account for the deficiency inherent to each of them. The subjectivity of judgmental 
curves is compensated with post-earthquake observational data. For instance, the 
vulnerability relationships in ATC-13 and ATC-40, even though heavily based on expert 
opinion, utilize data, to a limited extent, from the 1971 San Fernando and 1994 
Northridge Earthquakes, respectively. The previously mentioned HAZUS fragility 
curves, adopt expert opinion in the determination of building capacity and the uncertainty 
associated with the latter and the earthquake demand, while the combined uncertainty of 
capacity and demand is calculated based on analysis. In certain cases experimental test 
results complement available statistical data. However, due to the impracticality of 
evaluating every parameter variation in empirical testing, experimental results are mostly 
used for verification purposes rather than as an additional source to the available 
statistical damage data. The study by Singhal and Kiremidjian (1997) is an example of 
hybrid relationships where the results of the analysis is calibrated using observational 
data from Northridge Earthquake. 
Although there have been a limited number of studies on testing of full-scale woodframe 
houses (Yokel et al., 1973), it was only after 1994 Northridge Earthquake and 1995 
Hygo-ken Nanbu (Kobe) Earthquakes, which caused extensive damage in the majority of 
woodframe structures, that resources were allocated for research in quantifying the 
dynamic behavior of wood construction. Because of the relative ease in full-scale testing 
small woodframe houses, several experimental tests have been performed to better 
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 understand their behavior (Kohara and Miyazawa, 1998; Ohashi et al., 1998; Tanaka et 
al., 1998; Fischer et al., 2001; Paevere, 2002). Since the Consortium of Universities for 
Research in Earthquake Engineering (CUREE) initiated the Caltech Woodframe Project 
(http://www.curee.org/projects/woodframe/) woodframe construction has been 
investigated in detail both with simulations and testing. A summary of recent 
experimental studies can be found in Lam et al. (2002). 
Because shear walls are the main source of lateral resistance and they govern the global 
response of woodframe structures, significant research has been done on both static and 
dynamic analysis and testing of wood shear walls (Folz and Filiatrault, 2000; COLA, 
2001; Folz and Filiatrault, 2001; Fonseca et al., 2002; Ekiert and Hong, 2006; Ayoub, 
2007). Other studies concentrate on computer modeling complete woodframe structures 
(Kasal et al., 1994; Tarabia and Itani, 1997; Collins et al., 2005a). The software, called 
Seismic Analysis of Woodframe Structures (SAWS) and developed by Folz and 
Filiatrault (2004b), has made significant progress in modeling wood buildings 
(Ellingwood et al., 2007). A summary of modeling approaches for timber buildings can 
be found in Lam et al. (2004). 
With the achievements in the modeling, probabilistic analysis has been performed both 
on shear walls and complete woodframe structures. Van De Lindt and Walz (2003) 
developed a new hysteretic model for wood shear walls and conducted a reliability 
analysis of the latter using existing suites of ground motions. Fragility analysis 
methodologies are proposed  and carried out for complete woodframe buildings 
(Rosowsky and Ellingwood, 2002) and for their components such as shear walls and 
connections (Filiatrault and Folz, 2002; Ellingwood et al., 2004; Kim and Rosowsky, 
2005; Lee and Rosowsky, 2006; Ellingwood et al., 2007). 
Although Porter et al. (2002) made a vulnerability study on a group of index woodframe 
buildings, fragility relationships are not available in literature for populations of 
woodframe or for other buildings types. HAZUS includes fragility curves for groups of 
buildings, however as mentioned earlier, these are derived mainly based on expert 
opinion. 
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 Due to probabilistic nature of fragility analysis, structures need to be evaluated, 
depending on the specific objective of the study, for varying material properties and/or 
structural configurations and increasing severity of input – having stochastic 
characteristics. 
Structural analysis methods are classified into two generic groups – linear and nonlinear 
– which can each then be subdivided into static and dynamic. Equivalent static analysis is 
a typical example of linear static procedures; most of the current seismic design codes 
employ it, and horizontal force distribution is the required input for this method. On the 
other hand modal and spectral analysis uses superposition and fall under linear dynamic 
procedures. In both methods, a multi-degree-of-freedom (MDOF) system is decomposed 
into a series of single-degree-of-freedom (SDOF) systems and elastic response history 
analysis performed. The former combines the time history of responses while in the latter 
only the maximum response quantities are superposed to give an upper bound of the 
maximum response of the MDOF system. 
With regard to nonlinear static procedures, CSM, Displacement Coefficient Method 
(DCM) and the secant method (COLA, 1995) are the most extensively used 
methodologies.  The first two methods utilize pushover curves which are briefly 
described in section 3.1.1. Depending on whether the lateral force pattern used in the 
derivation of the curve is kept constant or updated, the pushover method is named as 
conventional or adaptive, respectively. On the other hand, the secant method uses 
substitute structure and secant stiffness in its calculations. Inelastic response history and 
incremental dynamic analysis (IDA) are well established techniques for nonlinear 
dynamic analysis of structures. The idea of IDA analysis is not new (Bertero, 1977; 
Nassar and Krawinkler, 1991): it has found wide application in fragility analysis because 
it can estimate structural capacity under earthquake loading, and because it provides a 
continuous picture of system response from elasticity to yielding and ultimately to 
collapse.  
Elnashai (2002) examines the available pushover techniques and provides comparisons 
with IDA. Papanikolaou and Elnashai (2005; 2006) use a set of eight different reinforced 
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 concrete buildings covering various levels of irregularity in plan and elevation, structural 
ductility, and directional effects to investigate the accuracy and applicability of 
conventional and adaptive pushover as well as IDA. Their results indicate that, although 
adaptive pushover analysis is superior to its conventional counterpart, in general it does 
not provide major advantages over the traditional methodology for pushover analysis. 
Both techniques are found to be adequate for structural systems free from irregularities in 
plan and elevation. For other systems, the use of inelastic dynamic analysis is 
recommended. 
Performance levels or limit states for structural systems are defined as the point after 
which the system is no longer capable of satisfying a desired function. Performance 
levels can be identified using quantitative or qualitative approaches. Building codes 
generally adopt qualitative approaches when the objective is to ensure the safety of the 
occupants and continued serviceability during factored and unfactored loading, 
respectively. The document by the Federal Emergency Management Agency, FEMA 356 
(2000), has detailed information on the qualitative definition of performance levels. The 
three important limit states corresponding to stiffness, strength, and ductility 
requirements in design of structures are immediate occupancy (IO), life safety (LS) and 
collapse prevention (CP). The same document defines IO as the building state where the 
pre-earthquake design stiffness and strength are retained and occupants are allowed 
immediate access into the structure following the earthquake, LS as the state where 
building occupants are protected from loss of life with a significant margin against the 
onset of partial or total collapse, and CP as the state where the building continues to 
support gravity loading but retains no margin against collapse. 
However, when the previously described structural analysis techniques are concerned, 
quantitative response limits corresponding to the qualitative code descriptions are 
required. For this purpose, several researchers adopt the damage index model proposed 
by Park and Ang (1985) and Park et al. (1987) when inelastic dynamic analysis is 
performed. In the case of static evaluations, particularly when pushover curves are 
available, the yield and ultimate limit state definitions by Park (1988) is used for the 
determination of the above defined performance levels. 
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Different structural analysis techniques require different representations of earthquake 
demand. For instance, equivalent linear analysis needs spectral acceleration values at 
certain periods in order to estimate the lateral forces. On the other hand, as the name 
indicates, spectral analysis uses spectral representation of the ground motion. Although 
some of the improved capacity spectrum methods, including the one developed in this 
report, employ time histories, the demand spectra are essential for evaluation purposes in 
CSM. Linear and nonlinear response history analyses employ earthquake records, which 
are preferable in most of the cases due to their more accurate representation of ground 
motion features such as duration effects and time varying amplitude. 
The final step leading to the fragility relationships is the statistical analysis of structural 
response data. If the system stays within the linear range, the relationship between the 
response and the intensity measure is also linear. However, under severe seismic 
excitation the system generally goes into the inelastic range in which case a regression 
analysis of the responses as a function of the excitation intensity measure is performed. 
Luco and Cornell (2007) propose a nonlinear regression analysis of the power-law form 
which allows linear regression analysis by a simple logarithmic transformation. Wen et 
al. (2004a) use this technique within the proposed vulnerability function framework. The 
regression constants obtained give the conditional expectation and coefficient of variation 
of the structural response given the hazard intensity. With the selection of a suitable 
distribution function and using the latter parameters, the fragility curves can be generated. 
A different approach is proposed by Kircher et al. (1997b), for fragility curve generation, 
where the ground motion intensity is replaced with mean structural response through a 
process called convolution. This method is also implemented in HAZUS. 
Equation Chapter 3 Section 1 
 
 CHAPTER 3  
CAPACITY OF BUILDINGS AND EARTHQUAKE DEMAND 
This chapter investigates the first two components of the proposed framework for 
fragility analysis, i.e. capacity of buildings and earthquake demand. These two 
components are inputs to the process which are critically important for the reliability of 
the developed fragility relationships. In other words, the more representative of the real 
behavior building capacity and earthquake demand are, the more dependable the end 
result is. The two major uncertainty constituents contributing to the fragility analysis 
originate from the two components above and they are characterized by the variation of 
their ingredients. Therefore the first section of this chapter investigates the capacity of 
buildings and proposes a new model, the formation of a database composed of pushover 
curves based on advanced simulation. The second section discusses time histories, 
selected for the purposes of this study, which are representative of the seismo-tectonic 
environment in CEUS. 
The capacity of buildings and earthquake demand are given as inputs to the methodology 
for structural assessment (discussed in section 4.1) and the results are processed using the 
methodology for fragility curve generation (discussed in section 4.2) to obtain the desired 
fragility relationships. 
3.1. CAPACITY OF BUILDINGS 
As previously mentioned, there are several ways of representing the capacity of 
buildings. Because the aim of this study is to obtain fragility relationships for populations 
of buildings that include various different buildings in terms of construction type, height, 
design level, among others, a simple representation of lateral force resisting capacity of 
buildings (here pushover curves are utilized for this purpose) which is still reflective of 
real behavior, is required. 
A pushover curve can be thought of as an envelope for the cyclic response of a structure. 
It can provide significant insight to the overall behavior of a structure under lateral 
loading. The main shortcoming of pushover analysis is that it cannot capture the local 
response, examples being soft storey formation, rebar pullout, buckling, and higher mode 
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 effects. Moreover, using pushover analysis, it is hard to predict the behavior of structures 
having mass and stiff irregularities in plan and elevation, where torsional effects come 
into consideration. However, significant research has been devoted to address the above 
issues and several studies show that pushover analysis can provide reasonable nonlinear 
force displacement relationships for regular structures with negligible higher mode-
effects; refer to Chapter 2. 
For the purposes of the current study, which mainly considers building types that 
conform to the above requirements, pushover curves are adequate to represent the global 
response under lateral actions. As a consequence building capacity is represented with 
pushover curves throughout this study. Such representation also suits the requisites of 
methodology for structural assessment. 
3.1.1. Pushover Curves and Capacity Diagrams 
An advanced CSM is developed and used in this study for structural response assessment 
under earthquake ground motion. CSM requires building capacity to be represented in 
Acceleration-Displacement (AD) format, named by Mahaney et al. (1993). However, 
most commonly pushover curves are expressed in terms of base shear, ௕ܸ, versus roof 
displacement, ∆୰୭୭୤, which require conversion into AD format. 
AD format is obtained by plotting spectral acceleration against spectral displacement, as 
opposed to period vs. spectral acceleration or period vs. spectral displacement as in the 
case of commonly used spectra. This type of representation does not explicitly include 
period (or frequency); however, radial lines drawn from the origin to a point on the curve 
in AD format define a specific period or frequency (see Figure B.4.). Representation of 
the capacity curve (or pushover curve for this study) in AD format is referred to as a 
capacity diagram. 
A brief description of how to obtain pushover curves as well as the derivation of the 
equations used for converting them into capacity diagrams is provided below using the 
description and notation of Fajfar (2000). 
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 The following description applies a monotonically increasing pattern of lateral forces, 
representing the inertial forces that the structure would experience when subjected to 
ground motion, obtaining the characteristic nonlinear force-displacement relationship of 
the multi-degree of freedom system in terms of base shear and roof displacement, Figure 
3.1. 
The vector of lateral loads, ࡼ, used in the pushover analysis is given by: 
= p = pP MΨ Φ  (3.1) 
where ࡹ, is the diagonal mass matrix and the magnitude of lateral loads is controlled by 
݌. શ denotes the distribution of lateral loads and it is related to the assumed displacement 
shape ઴. 
 
Figure 3.1. Pushover curves 
In the conversion from pushover curves to capacity diagrams the multi-degree-of-
freedom (MDOF) system is represented as an equivalent single-degree-of-freedom 
(SDOF) system. The equation of motion for the MDOF system is given by: 
 gx+ + = − MU CU R M1 
where ࢁ is the displacement vector, ࡯ is the damping matrix, ࡾ is the vector of internal 
forces, ݔሷ௚ is the ground acceleration and ൫ ሶ ൯ denotes the time derivative. 
 (3.2) 
bV
P
roofΔ
Δ roof
bV
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 Assuming that the displacement shape, ઴, does not change during the structural response 
to ground motion and knowing that the internal forces, ࡾ, is equal to ext
, b
ernally applied 
loads, ࡼ y defining the displacement vector as in Eq. (3.3); Eq. (3.2) is transformed into 
Eq. (3.4). 
 =U Φη  (3.3) 
 gp x+ + = −  M C M MΦ Φ Φ Φ Φ Φ Φη η  1Τ Τ Τ Τ (3.4) 
ultiplying and dividing the left hand side of Eq. 3.4) by ઴܂ࡹ૚ yields: 
 
M (
gm c F mη η+ + = −  x∗ ∗ ∗ ∗ ∗ ∗ (3.5) 
where ݉  and ܿ  is the equivalent mass and equivalent viscous damping constant of the 
DOF system respectively and the latter quantities are given
 
כ כ
S  by: 
 i im m
∗ = Φ∑M1 =ΤΦ  (3.6) 
∗c = Γ CΤΦ Φ  (3.7) 
כ and ܨכ are the displacement and force of the SDOF sysߟ tem: 
 
ηη∗ = Γ  (3.8) 
 b
VF ∗ = Γ  (3.9) 
 is the modal participation factor and used to convert from
system and vice-versa. It is given by the below equation where ݉௜ is the storey mass. 
 
 the MDOF system to SDOF 
2
i i
m
m
i iΦΓ = = Φ
∑
∑
M1
M
Τ
Τ
Φ
Φ Φ  (3.10) 
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Figure 3.2. Conversion of pushover curves to capacity diagrams 
It is important to note that the assumed displacement shap ch tha  it is 
equal to unity at the top (roof) of the building. 
 system, that is: 
e is normalized su t
The spectral acceleration values of the capacity diagram in AD format are obtained by 
dividing the force, ܨכ, by the mass of the SDOF
 a
FS
m
∗
∗=  (3.11) 
For the conversion of pushover curves to capacity diagrams, this study utilizes the same 
isplacement shape, ઴, as the one used in obtaini
essment 
. range of building types must be considered so as to achieve 
uniformity in fragility relationships that future studies can readily apply. 
d later on they 
appeared in FEMA 310 (formerly FEMA 178 - 1992), NEHRP Handbook for the Seismic 
d ng the pushover curve. 
3.1.2. Building Types 
The outcome of this study will provide an input for future earthquake loss ass
studies Hence the wide 
The building types provided in HAZUS (National Institute of Building Sciences, 2003) 
were first defined in ATC-14 (Applied Technology Council, 1987) an
Evaluation of Existing Buildings – A Prestandard (1998) with a number of building types 
added to cover all common styles of construction. 
Capacity Curve Pushover Curve
Δ roof
bV
F
∗m
η∗η = Γ
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 Table 3.1. Summary of Building Types (National Institute of Building Sciences, 2003) 
# Label Description 
Height  
Range Typical Period 
 
1 W1 Wood, Light Frame  1- 1 14 0.35 
(sec)Rise Stories Stories Feet 
2 
2 
3 S1L 
W2 Wood, Co Industrial  l  
Steel Mo
mmercial and A l 2 24 0.40 
0.50 Low- 1-3 2 24 
4 S1M 
5 
Mid- 4-7 
8+ 
5 
13 
60 
156 
1.08 
2.21 
ment Frame 
S1H High-
6 S2L Lo - w 1-3 2 24 0.40 
7 S2M Mid- 4-7 5 60 0.86 Steel Braced Frame 
8 S2H High- 8+ 13 156 1.77 
9 S3 Steel Light Frame  All 1 15 0.40 
10 S4L Low- 1-3 2 24 0.35 
Steel lace 
Concrete Shear Walls 
 Frame with Cast-in-P11 S4M Mid- 4-7 5 60 0.65 
12 S4H High- 8+ 13 156 1.32 
13 S5L Lo - w 1-3 2 24 0.35 
Steel Frame with Unreinforced 
Masonry Infill Walls 14 S5M Mid- 4-7 5 60 0.65 
15 S5H High- 8+ 13 156 1.32 
16 C1L Low- 1-3 2 20 0.40 
17 C1M Concrete Moment Frame Mid- 4-7 5 50 0.75 
18 C1H High- 8+ 12 120 1.45 
19 C2L Low- 1-3 2 20 0.35 
20 C2M Concrete Shear Walls Mid 4-7 5 50 0.56 
21 C2H High- 8+ 12 120 1.09 
22 C3L Low- 1-3 2 20 0.35 
Concrete Frame with 
Unrein alls23 C3M Mid- 4-7 5 50 0.56 forced Masonry Infill W
24 C3H H
 
igh- 8+ 12 120 1.09 
25 PC1 Precast Concrete Tilt-Up Walls All 1 15 0.35 
26 PC2L Low- 1-3 2 20 0.35 
Precast Concrete Frames with 
Concrete Shear Walls 27 P
P
R
W  
C2M Mid- 4-7 5 50 0.56 
28 C2H High- 8+ 12 120 1.09 
29 M1L Reinforced Masonry Bearing Lo - w 1-3 2 20 0.35 
alls with Wood or Metal Deck
Diaphragms 30 RM1M Mid- 4+ 5 50 0.56 
31 RM2L Low- 1-3 2 20 0.35 Unreinforced Masonry Bearing 
32 RM2M Walls with Precast Concrete 
Diaphragms 
Mid- 4-7 5 50 0.56 
33 RM2H High- 8+ 12 120 1.09 
34 URML Low- 1-2 1 15 0.35 Unreinfo  Bearing rced Masonry
Walls 35 URMM Mid- 3+ 3 35 0.50 
36 MH Mobile Homes  All 1 10 0.35 
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 HAZ des the availa ilding classes M
ud bile homes  36 types, bu ding ifica  of H U be 
As an example application of the fragility framework developed here, this study places 
# Source of Data Related Study 
Structural 
Configuration 
US divi ble bu  in FE A 310 into height ranges and 
incl es mo . With a total of il class tion AZ S can 
considered adequate for most loss assessment studies. Thus this study adopts the same 
classification system. A summary of these building types is provided in Table 3.1. 
Further details types can be found in HAZUS Technical Manual Chapter 5. 
3.1.3. Database for Woodframe Structures 
special focus on woodframe structures. 80 to 90% of all buildings in the USA are of 
woodframe construction, which is susceptible to damage during hazards such as 
earthquakes and hurricanes. Similar statistics are also observed for the region of focus of 
the MAE Center, CEUS; refer to section 1.3. 
Table 3.2. Building configurations included in the database 
Model 
1-14 CUREE Woodframe Project 
Store ouse 
Two Storey 
Wo se 
Shake Table Tests of a Two 
y Woodframe H odframe Hou
Small House 
Large House 
Town House 
Seismic Modeling of Index 
Woodframe Buildings 
Ap ng 
14-30 (Filiatrault, 2007) AT aft 
artment Buildi
16 Archetype C-63 75% Complete Dr Structures 
One Storey 
Woodframe 
Two Storey 
Larger Two Storey 
30-33 WeiChiang, 2007) Texas A&M Frames 
(Rosowsky and 
Woodframe 
Woodframe 
In order for the building capacity for this particularly important building group to reflect 
real behavior, pushover curves for woodframe structures, which are all derived using 
achieved. For fragility analysis of the rest of the building groups, this study uses the set of 
simulation models, are collected from previous studies to form a database. This allows a 
more reliable estimation of the uncertainty associated with the building capacity to be 
25 
 capacity diagrams defined in HAZUS Technical Manual Chapter 5, which are mainly 
based on expert opinion. 
Three different sources of structural information contribute to the database: 
i. CUREE–Caltech Woodframe Project (http://www.curee.org/projects/woodframe) 
r et al., 2001) 
b. Seismic Modeling of Index Woodframe Buildings (Isoda et al., 2002) 
ii. ATC-63 Project – 75% Complete Draft (Filiatrault, 2007) 
iii. T a
The building configurati Table 3.2 and 
furt
 Mitigation of Woodframe 
a grant administrated by the California 
Office of Emergency Service (COES). 
taken from Element 1, Testing and Analysis, 
and from Element 4, Economic Aspects, respectively. 
a. Shake Table Tests of a Two-Storey Woodframe House (Fische
ex s A&M Woodframe Structures (Rosowsky and WeiChiang, 2007) 
ons included in the database are summarized in 
her details are provided below. 
3.1.3.1. CUREE-Caltech Woodframe Project 
The CUREE-Caltech Woodframe Project (Earthquake Hazard
Construction) was funded by FEMA through 
The project is composed of five Elements and each element is composed of several 
different tasks. The following two tasks are 
Shake Table Tests of a Two-Storey Woodframe House: 
The two storey woodframe house shown in the figure below was built and tested (quasi-
oodframe 
Project. Several tests are performed for various stages of completion of the building’s 
es is the existence of non-structural wall 
finish materials, i.e. exterior stucco and interior gypsum wallboard. 
static, frequency, damping, and seismic) within the scope of CUREE-Caltech W
lateral force resisting system. 
The two-storey building is considered to be complete in phases 9 and 10. The main 
difference between phase 9 and 10 test structur
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Figure 3.3. (Top): Phase 9 test structure (Bottom): Phase 10 test structure (Fischer et al., 2001) 
Advanced finite element models are developed for the two test structures using the 
software Seismic Analysis of Woodframe Structures – SAWS (Folz and Filiatrault, 
2  
this software and the results are verified against experimental data in the studies by Folz 
002). For details see Appendix A, section A.1.2.1. Pushover curves are obtained using
and Filiatrault (2004b). 
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 Seismic Modeling of Index Woodframe Buildings: 
The other component of the CUREE-Caltech Woodframe Project that is considered in 
this study, includes the design of four buildings that are typical of woodframe 
03). 
qualities – poor, typical, and 
superior – include most of the features observed in woodframe buildings. 
ation. 
Building System Performance and Response Parameters (2007). Pushover curves are 
ent woodframe light construction archetype structures. The set 
of building designs represent different seismic regions and levels of gravity load, and 
eiChiang (2007) at Texas A&M University developed 
finite element models and pushover curves for three woodframe structures. These three 
d large two-storey buildings build slab on 
grade. The small two-storey woodframe structure has the same dimensions and storey 
construction in the U.S. (Reitherman and Cobeen, 20
Four index buildings – a small house, a large house, a small townhouse, and an apartment 
building – are designed according to the codes and practices of their period of 
construction. Their variants for different construction 
The commercially available software RUAUMOKO (Carr, 1998) is used to develop finite 
element models for these structures and obtain the pushover curves (Isoda et al., 2002; 
Filiatrault et al., 2003). See Appendix A, section A.1.2.1 for further inform
3.1.3.2. ATC-63 Project 
ATC-63 is an ongoing project by Applied Technology Council on the Quantification of 
obtained for sixteen differ
cover the following ranges of three variables: number of stories (one to five), seismic 
design level (low and high), and building use (residential, and commercial or 
educational). Further details about these structures can be found in Appendix A, section 
A.1.2.2. 
3.1.3.3. Texas A&M Woodframe Structures 
Using SAWS, Rosowsky and W
structures are one-storey, small two-storey, an
weights with those of the phase 9 and 10 variants of the shake table test structure 
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 described in section 3.1.3.1. Further details about these buildings can be found in 
Appendix A, section A.1.2.3. 
3.1.4. Capacity Diagrams and Performance Limit States 
 
limit state definitions. Collection of pushover curves for the building types, with the 
age limit states, roof drift values are used as a 
criterion for all the building types. However, this study adopts different approaches for 
Table 3.1, is divided into 
four categories: pre-code, low code, moderate code, and high code. The latter three are 
 detailed in the previous sections, are 
categorized into woodframe building types W1 and W2 using the information pertaining 
This section investigates representation of building capacity and the structural damage
requirement of these curves being derived using advanced simulation in order to capture 
real behavior, is a process that requires considerable time and effort. Therefore for the 
important group of woodframe buildings, this task is carried out while extending the 
database to cover the rest of the building types is out of the scope of this study, therefore 
for characterizing the capacity of buildings types other than woodframe, this study uses 
the capacity diagrams defined in HAZUS. 
Regarding the definition of earthquake dam
the determination of the limit state values for woodframe structures and for the rest of the 
building groups in HAZUS. 
In terms of seismic design level, each building type given in 
defined according to the Uniform Building Code, UBC (International Conference of 
Building Officials, 1994) while the first, i.e. pre-code seismic design level, is for 
structures built before seismic design was required. 
3.1.4.1. Woodframe Buildings in the Database 
The pushover curves, which come from the sources
to each of the structural configuration (provided in Appendix A, section A.1.2). The 
former includes small, single-family, one-to-two storey residential buildings with floor 
area less than 5,000 ft2 while the latter comprises large, two-storey or more, multi-family 
or commercial buildings with floor area greater than 5,000 ft2. Detailed description of 
these two building types can be found in Appendix A, section A.1. 
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 Once the available structural configurations are classified under W1 and W2, 
differentiation in terms of seismic design level is carried out with reference to certain 
threshold values of base shear coefficient, ܥ, defined for each building category. In other 
words, a PGA value is determined for each of the low, moderate, and high code design 
levels that conform to current seismic design codes and practices. Then using Eq. (3.12) 
which gives the relation between PGA and seismic base shear coefficient ܥ, the limits for 
each design level is established. The spectral amplification factor (SAF) is assumed to be 
2.6, consistent with the relations by Newmark and Hall (1982) and given in Appendix B, 
Table B.1. The demand reduction factor ܴ that accounts for the inelastic response of the 
structure is taken for each of the design levels as shown in Table 3.3. 
 
PGA SAFC
R
×=  (3.12) 
Overstrength factors (OSF) of 4 and 2 are applied for W1 and W2 building types 
spectively. A higher OSF is assumed for the W1 building type since these are rela
small structures whose overstrength is solely due to stronger design of members. 
n low and moderate as low code, those 
between moderate and high code as moderate, and those having greater than high code 
 
re tively 
Whereas in the case of large structures with several members, those falling into the W2 
building type, redistribution of forces and sequential yielding are observed, therefore the 
strength related overstrength factor is reduced to 2 in this case. Base shear coefficients 
describing low, moderate and high code structures are given in Table 3.3. The base shear 
values of the pushover curves are normalized by the respective weights of the structures 
giving the base shear coefficient, ௕ܸ ܹ⁄ , and classification is performed based on a 
comparison between the maximum base shear coefficient value of the curve and the 
threshold values, ܥ ൈ ܱܵܨ defined in Table 3.3. 
Structures having a maximum base shear coefficient less than the low code threshold 
value are classified as pre-code, the ones betwee
threshold value are put into high code seismic design level. The categorization of each of 
the structural configurations defined in Table 3.2 is given in Table A.20 of Appendix A. 
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 Table 3.3. Threshold values defining the seismic design levels 
  W1 W2 
Design Level ࡼࡳ࡭ ሺࢍሻ ࡾ ࡿ࡭ࡲ ࡻࡿࡲ ࡯ ൈ ࡻࡿࡲ ࡻࡿࡲ ࡯ ൈ ࡻࡿࡲ
Low 0.1 2.5 2.6 4 0.42 2 0.21 
Moderate 0.25 3.5 2.6 4 0.74 2 0.37 
High 0.4 4 2.6 4 1.04 2 0.52 
Just like in HAZUS, four structural dam (perf ce es ter  
wood e structures, i.e. slight, moderate, exten and . F s pu  
yield and ultimat t defi ns by  (1988 re utilized. The slight dama it 
state threshold value is based on the deformations at first yield, the moderate on the yield 
age orman
siv , 
) limit stat
 co ete
are de
or i
mined for
rp hefram e mpl  th ose t
e poin nitio Park ) a ge lim
point of equivalent elasto-plastic system with the same energy absorption as the real 
system, the extensive on the peak of the load displacement relation, and the complete 
damage limit state threshold value is taken as the post-peak displacement when the load 
carrying capacity has undergone a small reduction. Illustrations on how the four damage 
state levels are determined, using the definitions by Park, are provided in Appendix, 
section A.1.3.1. 
Table 3.4. Limit state threshold values for woodframe building categories; spectral displacements 
are in inches, spectral accelerations are in g and elastic fundamental periods in seconds 
  Limit States 
  Slight Moderate Extensive Complete 
Building Category ࢀࢋ ࡿࢊ ࡿࢇ ࡿࢊ ࡿࢇ ࡿࢊ ࡿࢇ ࡿࢊ ࡿࢇ 
W1 – Pre-Code 0.20 0.41 0.16 1.79 0.23 3.48 0.28 5.26 0.27 
W1 – Low Code 0.26 0.50 0.33 1.61 0.47 3.19 0.57 4.51 0.54 
W1 – Moderate Code 0.46  0.49 0.81 0.81 3   
W1 – High Code 0.52   2   
0 0 8
W2 – Moderate Code 
0.24
0.29
1.50 
 2.29 0.9
.36
0.17 
5.20
5.19
9.70 
0.93
.33
0.16 
 0.76
.08 
0.93
4.84 
 1.15
0.14 
.23
.58 
 1  1
W2 – Pre-Code .07 
W2 – Low Code 0.14 0.55 0.10 3.12 0.24 5.68 0.29 7.79 0.27 
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 averaging these. Figure 3.4 provides an example of the capacity diagrams for the W2 pre- 
code structure together with limit states and the HAZUS median curve. 
The four damage state threshold values for all the seismic design levels of the W1 and 
W2 building types are obtained using the procedure described above and tabulated in 
Table 3.1. The elastic fundamental period, ௘ܶ, values shown in the same table are 
calculated using the slight damage state threshold value as a measure. 
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Figure 3.4. Capacity diagrams and limit states for W2 pre-code building category 
The most important advantage of using the newly-assembled database is the conclusions 
drawn regarding the relationship between different design levels of W1 and W2 building 
groups and their limit states. Contrary to HAZUS approach, high code structures do not 
necessarily possess higher ductility; on the other hand, their lateral load resistance comes 
from their strength. This observation is also reflected in the limit state threshold values 
given in Table 3.4. Although the threshold values seem to increase from high code to pre-
code design level for a given building group, which is counterintuitive, the earthquake 
intensity required to satisfy a given damage limit state of high code design level will be 
considerably higher than that which is required to satisfy the same damage limit state of 
the pre-code design level. The significant difference between the strength levels of the 
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 two groups explains this. To further clarify the latter important issue, for a given 
earthquake intensity, the response obtained from the high code structure will be much 
lower than that obtained from the pre- and low code counterpart, meaning that the same 
GMI will satisfy a higher damage limit state level of the structure with inferior seismic 
design. 
To sum up, the uncertainty representation in capacity is achieved through the variation of 
capacity diagrams under each building category. This study proposes that the assembled 
er than woodframe, this study uses 
available capacity diagrams from HAZUS. Besides, in order to investigate the effect of 
1.2 in detail, it is a considerably difficult task to represent the 
capacity for populations of building that reflects the actual behavior of structures under 
s are defined using two points, i.e. yield and 
ultimate. The former represents the deformation where transition from elastic to inelastic 
behavior occurs. The capacity diagram is assumed to be linear up to this point, and a 
database is a more reliable representation of actual behavior than judgmental expert 
opinion, on which the HAZUS capacity diagrams are based (discussed in the following 
section, 3.1.4.2). In addition, this study determines the limit states on well established 
engineering criteria with equivalents in real behavior. 
3.1.4.2. Other Building Types Based on HAZUS 
For fragility analysis of the building types oth
representing building capacity with pushover curves which are derived using advanced 
simulation, HAZUS capacity diagrams for woodframe building types are also embedded 
into the proposed framework, allowing comparison between the two fragility 
relationships. 
As discussed in section 
earthquake ground motion. This study overcomes this challenge by using a database of 
pushover curves based on advanced simulation. Nevertheless, due to falling out of the 
scope of the work here, the proposed framework is extended to the building groups other 
than woodframe, using the available set of capacity diagrams from the HAZUS Technical 
Manual, Chapter 5. 
The above mentioned capacity diagram
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 nonlinear regime, which is described with a segment of an elliptic curve (Cao and 
Petersen, 2006), exists between the yield and the ultimate points. As the ultimate 
deformation is attained, a plateau of constant load is maintained (Figure 3.5). 
 
Figure 3.5. Capacity diagrams defined in HAZUS 
Determination of the parameters defining the elliptic curve segment is described in 
Appendix, section A.1.3.2. In addition, yield and ultimate points as well as the 
parameters of the elliptic region are provided for the four seismic design levels. 
e
ܦ௬,  ܣ௬, ܦ௨ and  ܣ௨ are calculated using the following equations: 
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 o rength verstr gth factor relating the true yield strength to design strength, ߣ is the overst
factor relating the ultimate strength to yield strength and ߤ is the ductility factor relating 
ift ratio (HAZUS Technical Manual Chapter 5). 
 
Figure 3.6. Variation in capacity for building types based on HAZUS 
To achieve the required variation in building capacity for the purposes of fragility 
analysis, this study adopts the proposed procedure in HAZUS Technical Manual Chapter 
5. The buil buted as a 
Median Capacity 
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ultimate displacement to ߣ times the yield displacement. The fundamental period of the 
building, ௘ܶ, pushover mode parameter, ߙଵ, the ratio of yield to design strength, ߛ, and 
the ratio of ultimate to yield strength, ߣ, are assumed to be independent of seismic design 
level. However, ductility factor, ߤ, changes depending on the design level. The values of 
these parameters can be found in HAZUS Technical Manual Chapter 5, Table 5.4, Table 
5.5 and Table 5.6. 
The parameters stated in the preceding paragraph are determined based on expert 
opinion. Similarly, limit states are determined using personal judgment, and they are 
given in terms of dr
ding capacity diagrams are assumed to be lognormally distri
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 function of the acceleration at the ultimate point. ܦ௬,  ܣ௬, ܦ௨, and  ܣ௨ values given in 
Appendix A, Table A.21 through Table A.24 are the median values for these parameters. 
The standard deviation of the lognormal distribution, ߚ஼, is assumed to be 0.25 for code 
designed buildings, i.e. high code, moderate code, and low code and 0.3 for pre-code 
buildings. 
In order to obtain a finite number of capacity diagrams from the median curve to 
represent each building category, the importance sampling technique is used. First 
lognormal distribution with a median value of ݈݊ሺܣ௨ሻ and a standard deviation value of 
ߚ஼ is converted to normal distribution having a mean value equal to the median value of 
the lognormal distribution and having the same standard deviation value. Then, the 
normal distribution is mapped to a standard normal distribution using a change of 
variables as: 
 
ln ln uX AZ
Cβ
−=  (3.17) 
where ܺ represents the lognormal random variable, ݈݊ܺ is the normal random variable 
nd ܼ is the desired standard normal random variable. The area under the prob
density function of standard normal random variable between -3 and 3, which amount to 
ܦ௬ values can respectiv  be calculated first using Eq. nd then using Eq. 
(3.13). W e ߣ and ௘ܶ remains constant. Knowing that ܦ௨ is also kept constant, the 
a ability 
99.73% of the total probability, is divided into five equal areas, Figure 3.7. Each area is 
shown by ߙ in the same figure. Five sampling points, ݖ௜, are obtained by calculating the x 
coordinate of the centroid of the corresponding area. These values are substituted in to 
Eq. (3.17) to get corresponding ܺ values which are equal to ultimate acceleration of the 
variations of the capacity diagram, note that the point with ݖଷ ൌ 0 gives the median 
curve. 
Once the ܣ௨ values for the variations of the capacity diagram are obtained, corresponding 
ܣ௬ then ely  (3.16) a
her
variations of the capacity diagrams can be constructed using the same methodology used 
to construct the median curve. This procedure gets repeated for the four seismic design 
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 levels of 36 building types (or for each building category) to represent the variation in 
capacity using five diagrams based on the importance sampling technique. 
 
Figure 3.7. Calculation of sampling points from the standard normal distribution (figure not to 
scale) 
(99.73% in this case) using a reasonable number of points (giving it a practical 
AND 
ponent of the new fragility analysis 
framework: the earthquake induced demand on structures. Several ways of representing 
modeling, the great portion of the total uncertainty is due to ground motion variability. 
Therefore, selection of the record set to be used is key to the outcome of the fragility 
1 2π
α
Importance sampling technique represents the desired percentage of the total probability 
computational time) while precluding the bias that would be introduced by randomly 
choosing those points. 
3.2. EARTHQUAKE DEM
Part two of this chapter investigates the second com
the lateral forces imposed on structures due to earthquake ground motion exist. The 
present study pursues the most rigorous way, i.e. using ground motion time histories 
(accelerograms). Use of accelerograms allows the most flexibility for ground motion 
simulation, in that several different features of earthquakes, e.g. site condition, distance, 
depth, fault rupture type and many others, can be reflected into earthquake demand by 
selecting a fair number of records with the desired requirements. 
Amongst the list of uncertainties in fragility analysis, such as capacity variation and 
α
α α
α
3-3 1 1.385z = − 2 0.530z − 3 0z= = 5 1.385z4 0.530z = =
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 analysis. In view of this the more representative the record set is of the expected event, 
the higher the reliability of the fragility analysis. 
The regional differences in ground motion characteristics are small in seismically active 
areas, therefore natural time histories selected from one high seismicity zone can be 
carried to other high seismicity regions as long as the consistency in the required features, 
 
generated ground motion records are developed (Fernandez, 2007) 
As noted before, CEUS is a low probability earthquake region, and the available natural 
a large magnitude event. Stemming from this fact, this study uses synthetically derived 
i.e. magnitude, depth, fault mechanism and site conditions, is achieved. However, strong 
motion characteristics in inter-plate and intra-plate regions exhibit significant differences. 
As a matter of fact, attenuation is much faster in more fragmented inter-plate regions than 
in intra-plate regions, of which CEUS is an example. 
 
Figure 3.8. Soil profiles for the Upper Mississippi Embayment and cities for which synthetically
earthquake records are sparse. In addition, none of the records that do exist correspond to 
accelerograms developed by Fernandez (2007) based on the stochastic method (Boore, 
2003). In the study by Fernandez, probabilistic ground motion records have been 
generated for seven cities within the Upper Mississippi Embayment, including Memphis, 
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 TN (Figure 3.8), which this study uses. Ground motion records for two different site 
conditions – “lowlands” and “uplands” – are developed for the city of Memphis. 
Lowlands represents soft soils while uplands are delineated for competent or rock sites. 
The aforementioned records are compatible with the uniform hazard spectra previously 
developed by Fernandez and Rix (2006). In this study Fernandez and Rix incorporate the 
effects of epistemic (arising from a lack of knowledge, ignorance or modeling) and 
ss varying between a few feet up to 4,000 feet. 
And the use of these attenuation relationships, developed for the Upper Mississippi 
corresponding return periods of 475, 975 and 
2475 years) are developed. Each set includes ten acceleration time histories for uplands 
aleatory uncertainties (stemming from factors that are inherently random) in source, path, 
and site processes. They also incorporate the effect of nonlinear soil behavior into ground 
motion attenuation relationships which, in turn, were derived by regression analysis of 
spectral accelerations from a stochastic ground-motion model based on point-source. The 
derivation process includes the weighted average of three attenuation relationships, i.e. 
Atkins and Boore (1995), Frankel et al. (2000) and Silva et al. (2003). But the directivity 
effects are not accounted for. 
The Upper Mississippi Embayment has peculiar ground motion attenuations due to being 
formed of soft soil sediments with thickne
Embayment in the derivation of uniform hazard spectra for the Memphis region and 
others, has a significant impact on better accommodating the variability of the earthquake 
process in the site-specific ground motions. 
A set of probabilistic ground motions consistent with hazard levels of 10%, 5%, and 2% 
probability of exceedance in 50 years (with 
and lowlands This study uses the set with the 975 years return period. Example time 
histories for lowlands and uplands soil profiles are shown in Figure 3.9 and Figure 3.10, 
respectively. And the time histories for the rest of the records in each set can be found in 
Appendix A, section A.2. 
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Figure 3.9. Example acceleration time history for lowlands soil profile 
Record #3
Time (sec)
0 10 20 30 40 50 60
A
cc
el
er
at
io
n 
(g
)
-0.3
-0.2
-0.1
0.0
0.1
0.2
0.3
PGA = 0.2304 g
 
Figure 3.10. Example acceleration time history for uplands soil profile 
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 The PGA, peak ground velocity (PGV), and peak ground displacement (PGD) of the ten 
earthquake records for each set along with the mean and standard deviation values are 
given in Table 3.5. 
Table 3.5. Single value representations of the earthquake record sets 
Lowlands Uplands 
Record # PGA 
(g) 
PGV 
(in/sec) 
PGD 
(in) 
PGA 
(g) 
PGV 
(in/sec) 
PGD 
(in) 
1 0.204 13.580 6.938 0.201 9.007 3.851 
2 0.212 10.733 5.884 0.224 12.048 7.554 
3 0.185 8.785 6.902 0.230 17.364 11.546 
4 0.207 10.870 7.034 0.226 11.240 6.176 
5 0.198 9.821 11.615 0.198 9.808 12.338 
6 0.237 17.385 18.182 0.239 13.772 23.945 
7 0.192 7.812 6.120 0.275 9.737 8.396 
8 0.208 9.511 10.684 0.223 13.614 14.424 
9 0.178 17.592 7.321 0.213 13.490 5.489 
10 0.213 16.352 6.444 0.250 15.601 13.397 
Mean 0.203 12.244 8.712 0.228 12.568 10.712 
Standard Deviation 0.017 3.694 3.845 0.023 2.707 5.866 
The 5% damped elastic spectra, in different formats, for these records are provided in the 
figures below. The figures show absolute true spectral acceleration, relative true velocity, 
and relative true displacement. 
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Figure 3.11. 5% damped elastic spectra, period vs. spectral acceleration. (Left): Lowlands; 
(Right): Uplands 
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Figure 3.12. 5% damped elastic spectra, period vs. spectral velocity. (Left): Lowlands; (Right): 
Uplands 
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Figure 3.13. 5% damped elastic spectra, period vs. spectral displacement. (Left): Lowlands; 
(Right): Uplands 
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Figure 3.14. 5% damped elastic composite spectra. (Left): Lowlands; (Right): Uplands 
Spectral representation is important for providing insight into different characteristics of 
the earthquake demand. A case in point is the distance from the source which affects the 
frequency content of the motion, while distant (or “far field”) events have broadband 
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 spectra, close (or “near-field”) earthquakes have narrowband, pulse-like input motions. 
These phenomena, which can be discerned from spectral representations, have an impact 
on the resonant behavior structures – especially at low periods. Other factors influencing 
the shape of response spectra are earthquake magnitude, source mechanism 
characteristics, local geology and site conditions, wave travel paths, and rupture 
directivity. Nonetheless, magnitude, distance, and site conditions are more influential 
than others. Site conditions affect the acceleration amplifications which are extended to a 
larger period range for soft soils and the peak of the spectrum shifts towards higher 
periods since the predominant vibration of the site is greater for soft soils than it is for 
rock sites. This can be observed from Figure 3.11, where the peak of the spectra occurs at 
a lower period for uplands soil profile than that of lowlands and the amplifications are 
spread to a wider period range in the latter. Therefore use of site or record specific 
spectra provides an advantage over design spectra where incorporating the aforesaid 
features of ground motions is limited.  
Moreover, representation in spectral displacement vs. period domain and acceleration 
displacement domain are fundamental for the displacement based design and the capacity 
spectrum assessment, respectively. Use of design spectra for the displacement based 
design approaches is debatable in that design spectra estimates unrealistic displacement 
demands imposed on structures having significantly large periods. The composite spectra 
(similar to one shown in Figure 3.14) where spectral acceleration values are plotted 
against spectral displacements is key in graphical CSM procedures where structural 
capacity and earthquake demand are plotted together and the structural response is 
obtained through iterations (discussed in detail in section 4.1). 
Earthquake records for the city of Memphis are selected for two reasons: first they are 
capable of representing the required characteristics of earthquakes nucleating in the 
NMSZ and different sets are provided for the two soil profiles, lowlands and uplands. 
The rationale for choosing the records with 5% probability of exceedance in 50 years is 
to minimize the possible alterations in characteristics of ground motions, introduced by 
scaling, based on PGA, between 0.1 g and 2.0 g, to satisfy the limit states. 
43 
 44 
It is known that short period structures (fundamental periods less than 0.5 sec) are 
sensitive to PGA whilst moderately long period structures (0.5-3.0 sec) are affected 
mostly by the peak ground velocity, and the peak ground displacement is the main 
influencing factor on long period structures (greater than 3.0 sec). The structures that are 
subject of this study are buildings mostly having limited irregularity in plan and elevation 
with short and moderate heights. Most of the buildings in the capacity diagram set by 
HAZUS (Table 3.1) and the woodframe structures from the database (Table 3.4) have 
fundamental periods that fall into short period range. On account of this and due it is 
simplicity in application, scaling by PGA is adopted here through which the degree of 
spectral dispersion is minimized in the low period range. 
The aleatoric uncertainty in earthquake demand is characterized by the variability (in 
terms of frequency content, duration, time varying amplitude, PGA, PGV, PGD, and site 
conditions) of ground motion records presented in this chapter. 
To conclude, in this study the demand is represented by synthetically generated ground 
motion records compatible with the seismo-tectonic and geotechnical characteristics of 
the NMSZ. The ground motions used reflect the magnitude, distance, and site conditions 
that contribute to seismic hazard in the CEUS. For further details reference is made to 
Rix and Fernandez (2006; 2007). 
 
Equation Chapter 4 Section 1 
 
 
 CHAPTER 4  
METHODOLOGY FOR STRUCTURAL ASSESSMENT AND 
FRAGILITY CURVE GENERATION 
This chapter investigates the methodology for structural assessment and fragility curve 
generation and presents the selected approaches. The capacity of buildings and 
earthquake demand are used together by the methodology for structural assessment 
proposed below to obtain the response data. Thereafter the analysis results are 
statistically evaluated to derive the fragility relationships. Therefore these last two 
components can be considered as the analytical evaluation of the capacity and demand 
inputs. 
The methodology for structural assessment is of considerable importance inasmuch as it 
should yield an accurate prediction of displacement response of a structure under the 
given ground motion. Furthermore, the methodology for fragility curve generation is 
essential and should be capable of providing fragility relationships which can be used as 
an input to related future studies. 
4.1. METHODOLOGY FOR STRUCTURAL ASSESSMENT 
On the grounds that this study considers populations of buildings, it represents building 
capacity using pushover curves (or equivalently capacity diagrams) which entail the 
adoption of a procedure similar to CSM for structural response assessment. The 
following sections first provide a critical review on the available variants of the CSM and 
then illustrate their inapplicability or inaccuracy for the requirements of the structural 
response assessment considered in the present study. For this purpose, one of the 
woodframe buildings from the database, with available experimental data, is used as a 
test case. Next this study develops an “Advanced Capacity Spectrum Method,” which 
yields the most reliable displacement predictions when applied to the same structure. 
4.1.1. Review of the Available Variants of the Capacity Spectrum Method 
As discussed in detail in Chapter 2, CSM was first proposed by Freeman et al. (1975) and 
Freeman (1978), and after it had appeared in ATC-40 (Applied Technology Council, 
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 1996) it became the subject of several studies and various revisions for improvement. 
This section summarizes previously developed versions of the CSM under three 
headings: CSM in ATC-40, CSM with Inelastic Design Spectra, and CSM with 
Equivalent Elastic Spectra from Damping Models. 
All the CSM procedures considered here, including the proposed advanced method, 
require bilinear representation of the capacity diagram. Bilinear representation based on 
the equal energy principle is adopted (a description on how to obtain it is provided in 
Appendix B, section B.1.1). Demand representation in the first two variants – namely, 
CSM in ATC-40 and CSM with Inelastic Design Spectra – is achieved using elastic 
design spectra developed from peak ground motion parameters. This study uses the 
procedure by Newmark and Hall (1982), described in Appendix B, section B.1.1. 
4.1.1.1. CSM in ATC-40 
The original CSM (Applied Technology Council, 1996) proposes three analogous but 
different procedures, namely, Procedure A, B, and C. Procedure C being purely graphical 
and not lending itself to programming, is not considered here. Procedure A provides the 
most direct application of CSM, and it updates the bilinear representation of capacity 
diagram depending on the performance point chosen. Procedure B does not include this 
feature. Procedures A and B not only differ in updating the bilinear representation but 
they also utilize different procedures to determine structural performance. Procedure A 
reduces the demand diagram depending on the equivalent damping obtained from the trial 
performance point until convergence is satisfied. Procedure B obtains the performance 
point from the intersection of the capacity diagram and the “constant period curve” which 
is constructed by joining points obtained for different values of ductility for a given 
SDOF system with prefixed period and hardening values (or bilinear representation). 
Since Procedure A is reported to fail satisfying convergence in certain cases (Chopra and 
Goel, 1999, 2000; Lin et al., 2004b) and Procedure B lacks updating of the bilinear 
representation of capacity diagram, the forthcoming test case will use combined 
procedure for assessment using this version of CSM. In other words, different bilinear 
representations will be developed depending on the trial performance point and the 
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 displacement demand will be determined using the technique of Procedure B. A match 
between the trial performance point, which in turn determines the bilinear representation, 
and the displacement demand obtained using that bilinear representation will be the 
ultimate result of CSM. The impact of updating the bilinear representation depending on 
the trial performance point will become apparent as the results from CSM in ATC-40 and 
CSM with inelastic design spectra are compared in the following sections. 
Three structural behavior types are defined in ATC-40: types A, B, and C. They are 
characterized by the hysteretic behavior of systems, from stable to severely pinched loops 
(A to C in that order), and they are also used to determine the so-called parameter 
“damping modification factor.” The Damping modification factor is defined so as to 
account for the imperfect hysteretic loops that might occur due to duration effects and 
poor ductility detailing of structures. 
Because CSM in ATC-40 utilizes spectral reduction factors, and because they are not 
applicable to spectra from specific records, this method is only suitable for evaluating 
structures under code-conforming demand diagrams; that is, those having distinct regions 
of constant acceleration, velocity, and displacement. 
Details on how to implement this variant of the CSM are provided in Appendix B, section 
B.1.1.1. 
4.1.1.2. CSM with Inelastic Design Spectra 
First Bertero (1995) and Reinhorn (1997), and later Fajfar (1999) and Chopra and Goel 
(1999; 2000) proposed direct use of inelastic design spectra instead of utilizing equivalent 
linear systems. They suggested obtaining inelastic design spectra from their elastic 
counterparts by using the force reduction factors. Chopra and Goel (1999; 2000) used 
reduction factors from different studies (Newmark and Hall, 1982; Krawinkler and 
Nassar, 1992; Vidic et al., 1994) and showed that up to 50 percent difference, on the non-
conservative side, can be obtained between the results of CSM in ATC-40 and those of 
CSM with inelastic design spectra. 
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 Since force reduction factors can only be used for reducing design (or code conforming) 
spectra, similar to CSM in ATC-40, this version of CSM is not suitable for assessment of 
structures under specific earthquake records. 
The most important limitation that comes with employing force reduction factors is that 
they are derived for systems with elasto-plastic (EP) force-deformation relationships (or 
for systems with small strain hardening values). However, the following sections show 
that during the process of updating the bilinear representation of the capacity diagram 
strain hardening values up to 25% or more is observed. Rahnama and Krawinkler (1993), 
showed that if the strain hardening is increased from 0 to 10%, a difference of about 20% 
is observed in force reduction factors. The structures in this study have strain hardening 
values of 25% or more, which would result in 20% error or more if updating the bilinear 
representation was used in this version of CSM. Such a level of error is not acceptable. 
Therefore, in the light of above discussion, it can be concluded that certain types of 
capacity diagrams, i.e. those that cannot be idealized with bilinear representations having 
small strain hardening values, are not amenable for evaluation with this version of CSM. 
To overcome this incompatibility occurring between the capacity and the demand 
diagrams, a single EP representation, again making use of the equal energy principle, 
needs to be developed (see details provided in Appendix B, section B.1.1). Lack of 
updating the bilinear representation resulted in significant reduction in accuracy, as will 
be seen as the results are presented. 
For the assessment of the example woodframe structure with this version of CSM, this 
study uses force reduction factors from ATC-40 (Applied Technology Council, 1996), 
Newmark and Hall (1982), Krawinkler and Nassar (1992), Vidic et al. (1994) and 
Miranda and Bertero (1994). The relationships from ATC-40 are given in Appendix B, 
section B.1.1.1 and the rest are provided in section B.1.1.2. For the force reduction 
factors derived by Borzi and Elnashai (2000), whilst using an extensive list of earthquake 
records that are uniformly processed and a number of hysteretic models, the application is 
restricted to ductility factor, μ, greater than 2. Since several of examples considered here 
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 have ductility less than 2, the expressions by Borzi and Elnashai are not employed in this 
study. 
The criterion to obtain the performance point is akin to the one in CSM in ATC-40, 
though here the ductility ratio replaces effective damping. Agreement of the effective 
damping from the capacity diagram and the same quantity associated with inelastic 
design spectra yields the structural response. 
4.1.1.3. CSM with Equivalent Elastic Spectra from Damping Models 
As an alternative improvement to CSM in ATC-40, using equivalent viscous damping 
models from different studies is proposed (Reinhorn, 1997; Lin and Chang, 2003; Lin et 
al., 2004a; Kim et al., 2005). Lin and Chang (2003) used damping models from Iwan and 
Gates (1979), WJE (1996), and Kowalsky et al. (1994b) to show that the deviation in the 
results of Chopra and Goel (1999; 2000) from the exact solution can be further reduced. 
Although Lin and Chang had demonstrated that the actual peak absolute acceleration 
should be used instead of the pseudo-acceleration in order to improve the accuracy of the 
original CSM, Kim et al. argued that the effectiveness of using actual peak absolute 
acceleration for constructing demand spectra should be verified through additional 
analyses. A rigorous review of available equivalent viscous damping models, including 
but not limited with those provided in Appendix B, section B.1.1.3, can be found in Kim 
et al. and Xue (2001). Kim et al. also presented results obtained using the empirical 
equivalent period equation of Iwan and Gates. 
In contrast to the versions of CSM described up to this point, CSM with equivalent elastic 
spectra is proper for predicting displacement demands under specific earthquake records. 
Damping and period of the equivalent linear system are calculated from the properties of 
the inelastic system. These two parameters are used to derive the over-damped elastic 
demand diagram; and the performance point is obtained, through iterations, as the 
intersection point of demand and capacity diagrams. Similar to the ATC-40 methodology 
and unlike the CSM with inelastic design spectra, bilinear representation of the capacity 
diagram is updated depending on the trial performance point in this version of CSM. 
49 
 Ductility, μ
1 2 3 4 5 6
E
ffe
ct
iv
e 
V
is
co
us
 D
am
pi
ng
 R
at
io
, ζ e
ff
0.05
0.15
0.25
0.35
0.45
0.10
0.20
0.30
0.40
ATC-40 Type A
ATC-40 Type B
ATC-40 Type C
Iwan & Gates
Priestley et. al.
ζ=5 %, α=0, n=0
 
Figure 4.1. Ductility damping relationships from different studies 
Damping models from ATC-40, Iwan and Gates (1979), and Priestley et al. (1996) are 
considered in this study. Damping models from WJE (1996) and Kowalsky et al. (1994b) 
are not included because the former starts at an elastic damping value of 5% which is 
higher than the required value for the evaluation of example structure, and the latter is 
reported to yield negative damping values for high strain hardening ratios (Kim et al., 
2005). Details of all the above stated damping models can be found in Appendix B, 
section B.1.1.3. 
A Comparison of different ductility damping relationships used in the test case is shown 
in Figure 4.1. 
4.1.2. The Woodframe Structure as a Test Case 
The woodframe structure from the study by Fischer et al. (2001) is used for the purposes 
of evaluating the available variants of the CSM whose details are provided in the 
preceding section. This woodframe structure is one of the many others whose pushover 
curve is included in the database, section 3.1.3.1. 
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 Available shake table test data (roof displacement) from two records – Canoga and 
Rinaldi Park from 1994 Northridge Earthquake – is the primary reason for selecting this 
structure for the evaluation of the analytical methods. Moreover, previous studies used 
neither full scale nor woodframe structures for CSM assessment. 
Both variations of the structure are studied; namely, Phase 9 and Phase 10. Properties for 
this woodframe structure are given in Appendix A, Table A.1. For convenience they are 
repeated here: 
Table 4.1. Properties of the woodframe structures used in the test case 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ 
Storey 
Weight 
(kips) 
Viscous Damping 
Ratio* (%) Storey Number 
Storey Height 
from Ground (in) 
1 108 13.8 0.64 8.82 5.63 1 
2 216 10.8 1 10.8 10.8 1 
SUM  24.6 - 19.62 16.43 - 
ડ 
Conversion Factors 
ડܕכ܏
܅
1.194 
0.952  
* The viscous damping ratio in each of the modes is taken as one percent of the critical as 
stated in Folz et al. (2002). 
As an example application of the conversion procedure from pushover curve to capacity 
diagram, the required constants are calculated as: 
2
19.62 1.194
16.43
i i
i i
w
w
= =ΦΦΓ =
∑
∑  (4.1)  
The equivalent mass and damping ratio of the SDOF system are found in Eq. (4.2) and 
Eq. (4.3), respectively. 
609.81i i
wm slugs
g
∗ = Φ =∑  (4.2) 
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   (4.3) [ ] 0.01 0 0.6391.194 0.639 1 0.0168
0 0.01 1
ζ ∗ ⎡ ⎤ ⎡ ⎤= Γ =⎢ ⎥ ⎢ ⎥⎣ ⎦ ⎣ ⎦ζ
ΤΦ Φ =
Folz and Filiatrault (2002) derived three different pushover curves (using triangular and 
uniform distribution, as well as adaptive pushover technique) for each variation of the 
woodframe structure employing the computer program, SAWS, developed by the same 
authors, and verified these curves against experimental data (Folz and Filiatrault, 2004b). 
In order to be consistent with the conversion factors calculated above, pushover curves 
from triangular distribution are used here. Pushover curves together with the capacity 
diagrams are shown in Figure 4.2. 
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Figure 4.2. Pushover curves (axes on left and bottom) and capacity diagrams (axes on top and 
right) for the two variations of the woodframe structure 
The properties of the ground motions used are provided in Table 4.2. Accelerograms and 
elastic spectra (actual and design) are shown in Figure 4.3. Newmark and Hall (1982) 
methodology, described in Appendix B, section B.1.1, is used to obtain elastic design 
spectra (Chopra, 2000 - Section 6.6). 
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 Table 4.2. Characteristics of the ground motions used in seismic tests 
Ground Motion Amplitude Scaling Factor PGA (g) PGV (in/s) PGD (in) 
Canoga Park 1.2 0.50 28.43 9.49 
Rinaldi Park 1.0 0.89 70.24 11.91 
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Figure 4.3. (Left): Accelerograms; (Right): Elastic actual and design spectra for Canoga and 
Rinaldi Park records from 1994 Northridge Earthquake 
The maximum roof displacements observed for each variation of woodframe structure 
under Canoga and Rinaldi Park records are used as benchmark values for comparison 
against results from available versions of CSM and the developed advanced method. 
Table 4.3 shows experimental results. 
Table 4.3. Seismic test results 
Max. Roof Displacement (in) 
Woodframe Structure 
Canoga Park Rinaldi Park 
Phase 9 2.74 4.31 
Phase 10 0.62 0.99 
Finally, Figure 4.4 shows the bilinear representations of the capacity diagrams at 
experimental data points (note that the figure is in AD format). These representations are 
important in that they shed light on the degree of plastic deformation the structure has 
undergone. Under the Canoga Park record, the Phase 9 structure yields moderately while 
under the Rinaldi Park record it undergoes a considerable amount of yielding. The Phase 
10 structure remains fairly elastic under both ground motions. Parameters defining each 
of the four bilinear representations are provided in Table 4.4. 
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Figure 4.4. Bilinear representations at displacement demands obtained from experimental tests 
Table 4.4. Parameters of the bilinear representation at structural performance points obtained 
from shake table tests 
Post- to Elastic 
Stiffness Ratio, ࢻ 
Ductility 
Ratio, ࣆ 
Elastic Period, 
ࢀࢋ (sec) 
Yield 
Displacement, 
ࡰ࢟ (in) 
Structure & Ground 
Motion 
Phase 9 - Canoga P. 0.342 0.522 0.214 4.23 
Phase 9 – Rinaldi P. 0.345 0.645 0.138 5.61 
Phase 10 – Canoga P. 0.151 0.104 0.247 4.97 
Phase 10 – Rinaldi P. 0.155 0.139 0.178 5.96 
4.1.3. Results from Available Capacity Spectrum Methods 
This section presents results from available versions of CSM. The Displacement 
Coefficient Method is also used to evaluate the example woodframe structure (see 
Appendix B, section B.1.1.4 and section B.1.2.2 for an explanation). Further details can 
be found in FEMA 273 (Federal Emergency Management Agency, 1997) and ATC-40 
(Applied Technology Council, 1996). All the results are tabulated in Table 4.5. Values 
shown in parenthesis are percentage differences from experimental results and the given 
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 ductility values are calculated as the ratio of the displacement demand to yield 
displacement, which are obtained from the bilinear representations. 
4.1.3.1. CSM in ATC-40 
Although both variations of the woodframe structure can be classified as Type B 
according ATC-40, results from all three structural behavior types are presented to form a 
basis for further discussion. Results for Type B classification are shown in Figure 4.5 and 
the rest of the results are tabulated in Table 4.5. Because this figure is in AD format, the 
results are multiplied with the conversion factor Γ before comparing them with 
experimental results in Table 4.5. 
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Figure 4.5. Results from CSM in ATC-40, Type B classification of the example woodframe 
structure 
One observation is that CSM in ATC-40 underestimates the displacement demand for 
most of the cases considered. Several other studies support this observation (Chopra and 
Goel, 1999, 2000; Kim et al., 2005; Fragiacomo et al., 2006). Another observation is that 
this version fails to converge under Rinaldi Park record for the Phase 9 variation. It is 
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 worth noting here that the combined procedure used in this study is capable of yielding 
the displacement demand for each bilinear representation. However the non-convergence 
is due to disagreement between the trial performance point chosen for developing that 
bilinear representation and the displacement demand thus obtained. The reason for the 
non-convergence will be further discussed in section 4.1.3.3. 
CSM in ATC-40 seems to provide fairly good predictions of the displacement demand 
when compared with the experimental results, yet it will become evident as the results 
from CSM with inelastic demand spectra and the developed advanced method are 
presented that this success is due to significant underestimations involved with this 
version of CSM. 
Another important conclusion is made concerning the selection of structural behavior 
types. More than 100% difference is observed between Types A and C. Since ATC-40 
does not provide rigorous definitions for the structural behavior types, in cases when 
there is no experimental data to compare them against, selecting the correct type might 
significantly influence the reliability of the results. 
4.1.3.2. CSM with Inelastic Design Spectra 
As pointed out earlier, when inelastic design spectra are used in CSM, updating the 
bilinear representation of the capacity diagram depending on the trial performance point 
is not justifiable due to the incompatibility of the capacity and demand diagrams. For this 
reason, in order to apply the inelastic design spectra concept along with CSM to the 
woodframe structure, this study develops a single elasto-plastic (EP) representation for 
each of the capacity diagrams. Figure 4.6 lists them and their properties. This EP 
representation is not updated and used as it is during the entire procedure of performance 
point determination. 
As examples, graphical results for Phase 9 structure under Canoga Park record and Phase 
10 structure under Rinaldi Park record are shown in Figure 4.7. The other two cases are 
included in Appendix B, section B.1.2.1. In the test cases, this version of CSM 
considerably overestimates the displacement demand imposed on the woodframe 
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 structure (up to 100% or more in some of the cases considered). This is mainly attributed 
to the lack of the possibility of updating the bilinear representation and using single 
elasto-plastic representations, confirming the importance of this feature of CSM. The 
results from nonlinear time history analysis of EP systems for the used ground motions 
are also provided in Table 4.5. Essentially, nonlinear time history analysis of EP systems 
yields the exact results for the considered SDOF systems. Therefore the deviation of the 
results from nonlinear time history analysis predicted by force reduction relationships can 
be used as a measure to assess the accuracy of this version of CSM. Furthermore, when 
compared against results from the nonlinear time history analysis of EP systems, ATC-40 
gives the worst approximations for displacement demands in comparison to those 
achieved from force reduction relationships. The same issue is raised by Chopra and Goel 
(1999; 2000). Hence the results that were close to the experimental ones obtained using 
CSM in ATC-40 can be related to the underestimations and updating of the bilinear 
representation. 
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Figure 4.6. CSM with inelastic design spectra; elasto-plastic representations for capacity 
diagrams of Phase 9 and Phase 10 variations of the woodframe structure 
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Figure 4.7. Results from CSM with inelastic design spectra for the cases (Left): Phase 9 under 
Canoga Park record; (Right): Phase 10 under Rinaldi Park record 
In the light of the above discussions this version of the CSM is found to be inappropriate 
for assessment of structures with force-deformation relationships that cannot be idealized 
using bilinear representation(s) with small strain hardening values and under actual 
demand spectra (from specific records). Unfortunately this is the case for most of the 
structures that one may come across in practice. 
4.1.3.3. CSM with Equivalent Elastic Spectra from Damping Models 
It can be concluded from Table 4.5 that for moderate yielding, i.e. the Phase 9 test 
structure under Canoga Park record, this variant of the CSM provides the best estimates 
for the displacement demand among other versions of CSM considered up to this point. 
On the other hand, it underestimates structural response for Phase 10 test structure under 
the Canoga Park record and the method fails to converge for both variations of the 
woodframe structure under Rinaldi Park record. The former is due to the elastic behavior 
of the woodframe structure, as can be observed from Figure 4.2. At the experimental 
displacement value of 0.618 ݅݊ (or at a spectral displacement value of 0.618 1.194⁄ ൌ
0.518 ݅݊) Phase 10 test structure is still within the elastic range. And the latter is a result 
of the ductility damping relations. As the severity of ground motion increases, the level of 
nonlinearity associated with the structural response increases and more ductility is 
expected from the structure. But the ductility damping relationships converge to a 
constant value of damping as ductility increases (Figure 4.1). Thus, the versions of CSM 
utilizing equivalent linear systems suffer from the latter problem and yield poor 
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 approximations for displacement response under severe ground motions such as the 
Rinaldi Park record. This observation is also reported by Shinozuka et al. (2000), Lin and 
Miranda (2004) and Kim et al. (2005). 
Figure 4.8 shows graphical solution for converging cases of this version of CSM. 
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Figure 4.8. Graphical solution from CSM with equivalent elastic spectra from damping models 
(Left): Phase 9 under Canoga Park record; (Right): Phase 10 under Rinaldi Park record 
If updating of the bilinear representation is abandoned for this version of CSM and a 
single EP force deformation relationship is used, as in the case of CSM with inelastic 
design spectra, a convergent solution for any ground motion can be obtained. Although 
not reported on here, this possibility was investigated and it was found that, like the 
results of CSM with inelastic design spectra, the method consistently and intolerably 
overestimated the displacement demand. 
4.1.3.4. Displacement Coefficient Method (DCM) 
DCM, an alternative for static inelastic assessment, is used to evaluate the woodframe 
structure (for calculations see Appendix B, section B.1.2.2). It also substantially 
overestimates the structural response for all the cases considered (Table 4.5). Lin et al. 
(2004a) reports the same problem. 
4.1.4. An Advanced Capacity Spectrum Method 
The advanced CSM proposed in this section aims to overcome the difficulties 
encountered in nonlinear static analysis and provide better estimates of structural 
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 response. The underlying idea is to utilize inelastic dynamic analysis of SDOF systems 
represented by bilinear force deformation relationships. Even though it might seem 
contradictory with the original CSM, where only static procedures and equivalent linear 
systems are used, with today’s computing technology, nonlinear time history analysis of 
SDOF systems is a matter of fractions of a second on an average personal computer. In 
addition, this method eliminates approximations and hence errors introduced into the 
solution with use of equivalent linear systems, design spectra (in lieu of actual spectra), 
and force reduction factors. 
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Figure 4.9. Force-deformation relationship for kinematic hardening behavior 
The step by step procedure to determine the displacement demand with the advanced 
method is given below: 
i. Choose a set of trial performance points along the capacity diagram. 
ii. Like other versions of CSM (except CSM with inelastic design spectra), develop 
a bilinear representation for each of the trial performance points. 
Deformation 
α
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β α
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 iii. Obtain peak responses of SDOF systems, whose force deformation relation are 
defined by the bilinear representations, using nonlinear time history analysis. 
Kinematic hardening behavior is assumed for hysteretic response (Figure 4.9). 
iv. The intersection of the curve constructed by joining the points found in Step 3 
with the capacity diagram gives the displacement demand imposed on the 
structure. 
A somewhat similar approach was proposed for vulnerability analysis of RC structures by 
Rossetto and Elnashai (2005) using adaptive pushover analysis that is sensitive to specific 
input motion record. The current method is however distinct in its direct use of inelastic 
response history analysis of bilinear systems. Moreover, the assessment of an advanced 
inelastic response-based CMS approach for full-scale structures using experimental data 
has not been undertaken before. 
4.1.5. Results for the Assessment of the Test Case Using the Advanced CSM 
Figure 4.10 shows the graphical interpretation of solution using the proposed method. 
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Figure 4.10. Results from the Advanced Capacity Spectrum Method 
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 Using the advanced capacity spectrum method, a convergent solution is obtained for all 
the cases considered. It yields the least overall error for the assessment of both variations 
of the woodframe structure under both ground motions considered. As described before, 
the deviation from experimental result for analysis of Phase 10 test structure under 
Canoga Park record should be ascribed to the elastic behavior. This is justified by the 
analysis of an elastic system with 1.68% damping and secant stiffness – calculated at the 
point on the pushover curve having a displacement of 0.618 in. The elastic structural 
response of 0.614 in is obtained from this analysis under the Canoga Park record which is 
very close to the experimental result. Although the advanced method predicts the 
structural response with 57% error for the Phase 9 test structure under Rinaldi Park 
record, still it yields the most reliable results. For this case, CSM with inelastic design 
spectra unacceptably overestimates the experimental results (approximately 100% - 
average of the considered force reduction factors) and CSM with equivalent elastic 
spectra from damping models fails to converge. Recognizing the fact that the selection of 
structural behavior types considerably affects the results in ATC-40 (e.g. with Type A, 
structural response is predicted with 6.1% error, while Type C does not converge) the 
advanced CSM remains the most dependable option for inelastic assessment of the 
woodframe structure. 
Yielding convergent solutions even under very severe ground motions, the proposed 
advanced method can be utilized for analyzing structures, whose pushover curves are 
available, under any desired ground motion. Thus, computationally expensive inelastic 
dynamic analysis of structural models with several degrees of freedom can be avoided. 
The limitations to the proposed method are due to inherent assumptions of CSM; one is 
the deficiency in representing MDOF structures as SDOF systems. This might introduce 
a significant amount of error in cases where torsional effects due to asymmetry of mass 
and stiffness in plan and elevation are present and where the structure responds as a 
combination of the first and the higher modes. Gupta and Krawinkler (2000) provide a 
discussion of this issue. 
62 
 One other drawback of the CSM is that it relies on the pushover curves which might not 
include all features of a building, such as soft stories and higher mode effects as pointed 
out above. In addition, pushover curves might be significantly different in push and pull 
directions and they might be in two orthogonal directions. Therefore, the more regular the 
structure is, the more accurate the results are. 
When the above limitations are satisfied to the required extent (which is the case for the 
building groups considered in this study), the proposed version of CSM provides reliable 
and accurate results for estimating displacement demands imposed on structures behaving 
beyond their elastic limits. 
4.1.6. Conclusions on the Methodology for Structural Assessment 
An advanced procedure for CSM, incorporating nonlinear time history analysis, and other 
available versions of CSM are assessed using the experimental test data of a full-scale 
woodframe structure. 
Updating of bilinear representations along the capacity diagram is adopted in order to 
increase the accuracy. In addition, for the determination of performance point, a 
procedure analogous to Procedure B in ATC-40 is utilized to guarantee convergence. It is 
found that the original CSM in ATC-40 yields significantly different results for different 
structural behavior types; a wrong classification might result in misleading and non-
conservative demand estimates that are too inaccurate to be used for design or retrofit 
purposes. Updating of bilinear representation could not be used in the version of CSM 
with inelastic design spectra due to the incompatibility of the capacity and demand 
diagrams. This entailed a significant inaccuracy in the results and a substantial 
overestimation of the displacement demands. Moreover, the significance of updating 
bilinear representations for capacity diagrams that are not suitable for characterization 
with single elasto-plastic or for bilinear force-deformation relationships is demonstrated. 
CSM with equivalent elastic spectra from damping models predicted displacement 
demand with reasonable accuracy for the Canoga Park record. However, it failed to 
converge for the Rinaldi Park record (PGA equal to 0.89 g) and is inadequate for severe 
ground motions. The application of the proposed advanced method on the woodframe 
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structure, on the other hand, revealed that convergence under any record can be satisfied 
with reasonable accuracy. 
The method proposed in this study can be further verified using analytical and 
experimental results of structures from different construction types such as RC, steel, etc. 
Furthermore the kinematic hardening behavior assumption with the bilinear force-
deformation relationship can be relaxed, and more complicated models – such as a tri-
linear model with stiffness and strength degradation – can be employed to obtain the peak 
responses. Still, the proposed advanced method can be used as an accurate and reliable 
method for the inelastic assessment of structures. 
 
 
 Table 4.5. Summary of results for nonlinear static analysis of the example woodframe structure1 
Phase 9 Test Structure Phase 10 Test Structure   
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  Canoga Park Rinaldi Park Canoga Park Rinaldi Park 
Analysis Method Results Disp. (in) Ductility Disp. (in) Ductility Disp. (in) Ductility Disp. (in) Ductility 
Shake Table Tests2 Exp. 2.744 (0.0) 4.23 4.315 (0.0) 5.61 0.618 (0.0) 4.97 0.988 (0.0) 5.96 
Type A 1.606 (-41.5) 3.59 4.050 (-6.1) 5.49 0.320 (-48.2) 3.96 0.757 (-23.4) 5.47 
CSM in ATC-40 Type B 2.031 (-26.0) 3.91 6.816 (57.9) 6.93 0.402 (-34.9) 4.21 1.049 (6.2) 6.28 
Type C 3.223 (17.4) 4.76 --- --- 0.591 (-4.4) 4.71 2.010 (103.4) 8.24 
NH 4.434 (61.6) 1.67 10.995 (154.8) 4.14 0.956 (54.7) 1.16 2.112 (113.7) 2.57 
KN 4.121 (50.2) 1.55 7.678 (77.9) 2.89 0.956 (54.7) 1.16 2.088 (111.3) 2.54 
VFF 3.763 (37.1) 1.42 8.989 (108.3) 3.38 1.013 (64.0) 1.23 3.437 (247.8) 4.18 CSM with Inelastic 
Design Spectra MB 4.294 (56.5) 1.62 8.139 (88.6) 3.06 1.005 (62.6) 1.22 2.153 (117.9) 2.62 
ATC-40 (Type B) 3.045 (10.9) 1.15 6.562 (52.1) 2.47 0.846 (36.9) 1.03 1.164 (17.8) 1.42 
EP-Exact 3.659 (33.3) 1.15 10.553 (144.6) 3.33 1.375 (122.5) 1.40 1.459 (47.7) 1.49 
ASE 3.505 (27.7) 5.62 --- --- 0.305 (-50.7) 4.50 --- --- CSM with Equivalent 
Elastic Spectra from 
Damping Models 
PRSTLY 2.853 (3.97) 4.86 --- --- 0.297 (-52.0) 4.38 --- --- 
ATC-40 (Type B) 3.436 (25.2) 5.51 --- --- 0.308 (-50.2) 4.55 --- --- 
Displacement 
Coefficient Method DCM 4.076 (48.5) 6.39 6.764 (56.8) 8.18 0.958 (55.0) 9.31 1.589 (36.5) 11.61 
Nonlinear Time 
History Advanced CSM 2.261 (-17.6) 4.60 6.783 (57.2) 8.45 0.329 (-46.8) 4.62 1.009 (2.1) 8.13 
1 Results shown by “---” are not available due to non-convergence. 
2 Ductility values are obtained from bilinear representations of capacity diagrams. 
 
 
 4.2. METHODOLOGY FOR FRAGILITY CURVE GENERATION 
This second section of Chapter 4 investigates the methodology for fragility curve 
generation. Fragility curve generation is basically statistical analysis of the results 
obtained from the structural response assessment -– that is, of the variations of capacity 
of buildings under various ground motions using the methodology for structural response 
assessment described in the preceding section. This final component of the proposed 
framework for fragility analysis yields the desired relationships and completes the 
procedure. 
The objective of this study is to provide parameters of the improved fragility 
relationships for populations of buildings in a format that can be directly utilized by 
future studies on earthquake loss assessment. In the field of earthquake engineering the 
most commonly accepted convention for the fragility relationships is to express the 
exceedance probabilities as a function of the hazard parameters, e.g. PGA, PGV, spectral 
displacement at certain period. This format herein is referred to as “conventional fragility 
relationships” and the methodology used for this purpose is described in section 4.2.1. 
The other, less established format considered here is from HAZUS (National Institute of 
Building Sciences, 2003), where exceedance probabilities are functions of structural 
response. The latter here is called “HAZUS compatible fragility relationships” and how 
to derive the fragility relationships in this format from the available analysis data is 
explained in section 4.2.2. 
4.2.1. Conventional Fragility Relationships 
As stated, conventional fragility relationships relate the ground motion parameters to the 
exceedance probabilities. In this study, the ground motion records are scaled based on 
PGA, and are therefore chosen as the representative parameter of the hazard. 
Nonetheless, any other convenient counterpart can be substituted with PGA via simply 
repeating the linear regression analysis described below. 
The methodology by Wen et al. (2004b) is adopted for deriving fragility relationships in 
conventional format. Wen et al. proposes the use of Eq. (4.4). 
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where ܲሺܮ ௜ܵ ܩܯܫ⁄ ሻ is the probability of exceeding a particular limit state given the 
ground motion intensity (GMI), Φሾ·ሿ is the standard normal cumulative distribution 
function, ߣ஼௅௜ is the natural logarithm of the limit state threshold value for the selected 
limit state, ߚ஼௅ is the uncertainty associated with limit state threshold values (taken as 0.3 
in this study), ߚெ is the uncertainty associated with the modeling of the structure (taken 
as 0.3 in this study), finally ߣ஽ ீெூ⁄  and ߚ஽ ீெூ⁄  are given by Eq. (4.5) and Eq. (4.6), 
respectively. 
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Figure 4.11. Linear regression analysis of structural response data 
ln(Ground Motion Intensity) 
( )ln ln1 2D GMI a + a GMIλ =
PGA, Sa (0.2 sec), Sd (0.3 sec), etc.
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 The constants ܽଵ and ܽଶ are calculated through a linear regression analysis, illustrated in 
Figure 4.11. ߚ஽ ீெூ⁄  is called as the square root of the standard error and ݊ in the given 
expression is the number of data points. 
It is important to note that in general three limit states are used for conventional fragility 
relationships (as opposed to four in HAZUS compatible fragility relationships) due to the 
fact that three limit states can be associated directly with the socio-economic 
consequences of continued operation, limited economic loss, and life loss prevention. As 
a consequence the three appropriate limit states out of the four can be simply selected, 
should it become necessary. The MAE Center impact assessment software platform 
MAEviz utilizes the above limit states that lead to 4 damage states; i.e. minor, moderate, 
severe, and collapse. 
4.2.2. HAZUS Compatible Fragility Relationships 
HAZUS is the most widely used loss assessment software in USA. As opposed to 
conventional fragility relationships where the horizontal axis is the GMI, HAZUS 
fragility relationships associate structural response with the exceedance probabilities. 
Therefore, in order to be able to make comparisons and provide the parameters of the 
improved relationships, HAZUS-compatible fragility relationships are derived alongside 
the conventional ones as used in other applications. 
The HAZUS fragility relationships are given by the following equation: 
( ) ( )1| ln di d itot i
SP Exceedence S
LSβ
⎡ ⎤⎛ ⎞⎢ ⎥⎜ ⎟⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦
= Φ  (4.7) 
where, ܵௗ is structural response (variable), ܮ ௜ܵ is the threshold value for the i
th limit state 
and ሺߚ௧௢௧ሻ௜ is given by: 
( ) [ ]( ) ( )2 2,tot C D LSi iiCONVβ β β⎡ ⎤ β⎡ ⎤= + ⎣ ⎦⎣ ⎦  (4.8) 
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 in which ሺߚ௅ௌሻ௜ is the uncertainty associated with the limit state threshold values (taken 
to be 0.4 in HAZUS), ߚ஽ is uncertainty in earthquake demand, while ሺܥܱܸܰሾߚ஼, ߚ஽ሿሻ௜ is 
the combined uncertainty of capacity and demand. This uncertainty is obtained as a result 
of the convolution process (Kircher et al., 1997a; Whitman et al., 1997), which is 
described in what follows. These two terms are assumed to be independent and the total 
uncertainty is calculated by the square-root-of-sum-of-squares (SRSS). 
As stated, in HAZUS exceedance probabilities are expressed in terms of the structural 
response and the only required information to be able to draw the HAZUS compatible 
fragility curves is the combined uncertainty of capacity and demand which is shown by 
the term ሺܥܱܸܰሾߚ஼, ߚ஽ሿሻ௜ in Eq. (4.8) and obtained through the so called “convolution” 
process. Here this method is explained in a format which is suitable for application using 
the data of structural response results that would be obtained from analysis of the 
variations of the capacity under the variations of the demand. 
 
Figure 4.12. Derivation of HAZUS compatible fragility relationships (Left): Results in AD 
format; (Right): Results for spectral displacement plotted against GMI 
If the structural responses from the above defined data are plotted, Figure 4.12 – (Left) is 
obtained. Each of the dots shown in this figure has a GMI value associated with it, Figure 
4.12 – (Left) can be converted to Figure 4.12 – (Right) by plotting the spectral 
displacements against the GMI values. All the spectral displacement values referred to in 
here correspond to structural performance and should not be confused with spectral 
displacement at certain period used as a GMI parameter. Figure 4.13 shows a closer look 
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 at the data in Figure 4.12 – (Right) at one of the scaling levels of the ground motion 
parameter, i.e. the one of the vertical lines. 
Slight 
 
Figure 4.13. Probability distribution at each scaling of GMI 
 
Figure 4.14. Fragility curves giving the combined uncertainty of capacity and demand 
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The probability of reaching or exceeding each damage state level is simply obtained by 
counting the number of data points with a spectral displacement value greater than or 
equal to a particular limit state threshold (this can be performed because limit states are 
defined in terms of spectral displacement) and dividing by the total number of data 
points. Thus four probability values are obtained at every scaling of the GMI. These four 
probability values are placed on a vertical line in the spectral displacement at structural 
performance vs. probability plot, e.g., Figure 4.14. The spectral displacement value of the 
vertical line (or the position on horizontal axis) is the mean of the spectral displacement 
values obtained from analyzing all the capacity diagrams of the building category under 
consideration under all the ground motions for the selected GMI scaling. 
A lognormal distribution is fitted to the data points (shown in Figure 4.14) of each of the 
four damage states, thus giving the parameters of the distribution, i.e. the median and the 
standard deviation. Consequently, the obtained standard deviation value is equal to the 
combined uncertainty of capacity and demand, the term ሺܥܱܸܰሾߚ஼, ߚ஽ሿሻ௜ in Eq. (4.8). 
Finally the total uncertainty can be obtained using the same equation, and the fragility 
curves are drawn by utilizing Eq. (4.7). 
 
Equation Chapter 5 Section 1 
 
 
 
 CHAPTER 5  
RESULTS AND DISCUSSION 
This chapter integrates the four components of the proposed framework for fragility 
analysis – building capacity, earthquake demand, methodology for structural assessment, 
and methodology for fragility curve generation – to yield the results of the improved 
fragility relationships for populations of buildings. 
The chapter is divided into two parts: the results related to woodframe structures and the 
results for the rest of the building types. On top of the results, discussions and 
comparisons are included. 
5.1. FRAGILITY RELATIONSHIPS FOR WOODFRAME STRUCTURES 
Woodframe buildings constitute the majority of the inventory for CEUS, and thus the 
proposed improvement for the capacity component of fragility analysis is applied to these 
structures (see section 3.1.3). In other words, the main difference between the fragility 
relationships for woodframe structures and those for the rest of the building groups is the 
existence of the database for the former while the latter uses the available capacity 
diagrams from HAZUS. 
Since fragility relationships for woodframe building types, are also derived using 
associated capacity diagrams from HAZUS, fragility formulations from three different 
sources exist for these structures: the available curves in HAZUS, the results from this 
study using HAZUS capacity diagrams, and the results from this study using capacity 
diagrams from the assembled database. The latter two differ only in terms of building 
capacity while the HAZUS curves are from an independent source. 
5.1.1. Conventional Fragility Relationships 
A sample of results are shown in Figure 5.1 depicting conventional fragility curves for a 
W1 pre-code building category for different damage state levels. Since there are four 
curves to be compared for each damage state level, each damage state is plotted in a 
different figure in order to render the comparison as clear as possible. It is important to 
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 note two points here. First, lines shown as lowland and upland in the below figures are 
obtained by using the capacity diagrams in the database while, as the name indicates, 
HAZUS Lowland and HAZUS Upland lines are obtained using available capacity 
diagrams from HAZUS. Second, although all four damage state levels are shown here, as 
stated in section 4.2.1, some loss assessment software, such as MAEviz, utilizes only 
three, in which case the appropriate three out of the four can simply be chosen. 
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Figure 5.1. Fragility relationships in conventional format for W1 pre-code building category 
(Top-Left): Slight damage limit state; (Top-Right): Moderate damage limit state; (Bottom-Left): 
Extensive damage limit state; (Bottom-Right): Complete damage limit state 
As observed from the above figures, if the capacity diagrams from HAZUS are used, 
lower damage probabilities are obtained for almost the entire range of the PGA values. 
This is especially true of the Extensive and Slight damage levels. However, for a 
moderate damage state level, for low PGA values lower damage probabilities and for 
high PGA values higher damage probabilities are obtained.  
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 The underestimation of damage probabilities by HAZUS for all limit states can be 
extended to pre-, low, and moderate code seismic design levels of the W2 building type. 
On the contrary, for the low, moderate, and high codes of W1 and high code of W2 
building types, a higher probability of damage is predicted when capacity diagrams from 
HAZUS are used. As examples, the fragility relationships for W1 moderate code and W2 
high code building categories are shown in Figure 5.2 and Figure 5.3 respectively. It is 
also important to note that the damage probabilities are significantly low for high code 
structures of both W1 and W2 building types. Similar results are obtained for high code 
design levels of woodframe structures in other studies (Ellingwood et al., 2007). 
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Figure 5.2. Fragility relationships in conventional format for W1 moderate code building 
category (Top-Left): Slight damage limit state; (Top-Right): Moderate damage limit state; 
(Bottom-Left): Extensive damage limit state; (Bottom-Right): Complete damage limit state 
The results presented here show that the effect of capacity representation on the fragility 
relationships is significant. The results can be considerably different depending on which 
capacity representation a study uses, and the limit state definitions as well as the capacity 
diagrams employed have a substantial impact on the consequent fragility relationships. 
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 Here this study proposes that those results obtained by using capacity diagrams from the 
woodframe database assembled in section 3.1.3 and the limit states determined by using 
these capacity diagrams are more reliable for two reasons. First because the capacity 
diagrams in the database are based on advanced simulation, which is capable of capturing 
real behavior, and second, the relevant limit states are determined using well accepted 
engineering criteria as opposed to the expert opinion that HAZUS capacity diagrams and 
limit states rely on. 
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Figure 5.3. Fragility relationships in conventional format for W2 high code building category 
(Top-Left): Slight damage limit state; (Top-Right): Moderate damage limit state; (Bottom-Left): 
Extensive damage limit state; (Bottom-Right): Complete damage limit state 
Up to this point, the effect of using different sources for capacity diagrams has been 
investigated. Below, the effect of soil profile is studied. Serving this purpose, fragility 
relationships obtained using the capacity diagrams from the database (HAZUS) for 
lowlands and uplands soil profiles are plotted for all damage state levels of W1 high code 
structure (as an example) in Figure 5.4 and Figure 5.5. 
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 It is observed that the source of capacity diagrams and the soil profiles are not correlated 
and, as expected, lowlands soil profile yields higher damage probabilities than uplands 
soil profile for all damage state levels and the entire range of PGA values. This is because 
lowlands soil profile is more demanding when compared to uplands soil profile for the 
considered woodframe building types. 
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Figure 5.4. The effect of soil profile on the fragility relationships – W1 high code building 
category; capacity diagrams from the database 
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Figure 5.5. The effect of soil profile on the fragility relationships – W1 high code building 
category; capacity diagrams from HAZUS 
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Figure 5.6. Comparison fragility curves for different design levels of W1 building type for 
lowlands soil profile and moderate damage state level; capacity diagrams from the database 
Finally Figure 5.6 is included to support the argument made towards the end of section 
3.1.4.1 regarding the limit state threshold values obtained from the mean capacity 
diagrams in the database. As observed from the above figure, while the threshold values 
decrease going from high code to pre- and low code, the probability of reaching and 
exceeding moderate damage state level also decrease. 
Table 5.1. Parameters of conventional fragility relationships for woodframe building types W1 
and W2 – obtained using capacity diagrams from the database 
 Low nd la
ࢇ૛ ࢼ࢚࢕࢚ ࢒࢔ࢇ૚ 
Up d lan
ࢇ૛ ࢼ࢚࢕࢚ ࢒࢔ࢇ૚ Building Category 
W1 – Pre-Code 2.246 1.620 1.044 2.012 1.644 1.013 
W1 – Low Code 1.435 1.642 0.887 1.081 1.481 0.813 
W1 – Moderate Code 0.098 1.606 0.841 -0.137 1.421 0.746 
W1 – High Code -0.534 1.418 0.833 -0.679 1.286 0.772 
W2 – Pre-Code 3.090 1.236 0.643 3.030 1.394 0.615 
W2 – Low Code 2.573 1.412 0.657 2.290 1.477 0.562 
W2 – Moderate Code 2.110 1.395 0.884 1.756 1.332 0.792 
W2 – High Code 0.703 1.753 0.683 0.404 1.543 0.569 
Conventional fragility curves may be drawn using the limit states from Table 3.4, the 
fragility parameters provided in Table 5.1, and utilizing Eq. (4.4). The parameters for 
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 conventional fragility relationships of woodframe structures obtained using HAZUS 
capacity diagrams are tabulated in Appendix C, section C.2.1. 
5.1.2. HAZUS Compatible Fragility Relationships 
In the case of HAZUS compatible fragility relationships, in addition to those considered 
in the previous section – i.e. relationships based on capacity diagrams from the database 
and relationships based on capacity diagrams from HAZUS – one more source of 
information exists: available fragility relationships in HAZUS. As examples, fragility 
relationships for W1 low code building and W1 high code building are provided in Figure 
5.7 and Figure 5.8 respectively. 
Spectral Displacement (in)
0 1 2 3 4 5
Pr
ob
ab
ili
ty
0.0
0.2
0.4
0.6
0.8
1.0
Lowland
Upland 
HAZUS Lowland
HAZUS Upland
HAZUS
Spectral Displacement (in)
0 2 4 6 8 10
Pr
ob
ab
ili
ty
0.0
0.2
0.4
0.6
0.8
1.0
Lowland
Upland 
HAZUS Lowland
HAZUS Upland
HAZUS
 
Spectral Displacement (in)
0 3 6 9 12 15
Spectral Displacement (in)
0 3 6 9 12
0.0
0.2
0.4
0.6
0.8
1.0
15
Pr
ob
ab
ili
ty
0.0
0.2
0.4
0.6
0.8
1.0
Lowland
Upland 
HAZUS Lowland
HAZUS Upland
HAZUS
Pr
ob
ab
ili
ty
Lowland
Upland 
HAZUS Lowland
HAZUS Upland
HAZUS
 
Figure 5.7. HAZUS compatible fragility relationships for W1 low code building category (Top-
Left): Slight damage limit state; (Top-Right): Moderate damage limit state; (Bottom-Left): 
Extensive damage limit state; (Bottom-Right): Complete damage limit state 
Before going into comparison of fragility relationships, it is worth noting that, having 
their origins in Eq. (4.7) the HAZUS compatible fragility curves are anchored to the limit 
state threshold values. In other words, the spectral displacement value corresponding to 
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 50% probability is equal to the damage state threshold value of the considered limit state. 
This fact can also be observed from the figures provided in this section. The curves 
having identical limit state threshold values differ only in their standard deviation values 
which determine the flatness of the curves. As the standard deviation values increase 
(meaning higher uncertainty) the curves become flatter. 
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Figure 5.8. HAZUS compatible fragility relationships for W1 high code building category (Top-
Left): Slight damage limit state; (Top-Right): Moderate damage limit state; (Bottom-Left): 
Extensive damage limit state; (Bottom-Right): Complete damage limit state 
In Figure 5.7 and Figure 5.8 the legends are the same as those in Figure 5.1, Figure 5.2, 
and Figure 5.3 and as an addition, fragility curves from HAZUS Manual are labeled as 
HAZUS. An investigation of the these figures indicate that the fragility relationships 
derived here and those from HAZUS can be comparable in certain cases (Figure 5.7) 
while they can be significantly different in others (Figure 5.8). Hence it is not possible to 
make general conclusions. Still, a common observed trend is that HAZUS underestimates 
damage more as the strength of the structure increases, i.e. moving from pre-code to high 
code. This is attributed to high limit state threshold values defined in HAZUS. 
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 Table 5.2. Parameters of HAZUS compatible fragility relationships for woodframe building types 
W1 and W2 – obtained using capacity diagrams from the database 
 Lowla
ࢼ࢚࢕࢚૛  
nd 
ࢼ࢚࢕࢚
૜  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚  
Uplan
ࢼ࢚࢕࢚૛  
d 
ࢼ࢚࢕࢚
૜  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚  Building Category 
W1 – Pre-Code 1.371 1.186 1.117 1.062 1.277 1.174 1.124 1.156 
W1 – Low Code 0.919 0.870 0.858 0.837 0.853 0.759 0.790 0.784 
W1 – Moderate Code 0.626 0.826 0.848 0.848 0.572 0.697 0.843 0.992 
W1 – High Code 0.680 0.728 1.141 0.763 0.633 0.623 1.128 0.711 
W2 – Pre-Code 0.822 0.674 0.649 0.660 0.724 0.584 0.594 0.600 
W2 – Low Code 0.791 0.596 0.709 0.687 0.654 0.499 0.511 0.517 
W2 – Moderate Code 1.141 0.831 0.772 0.809 1.020 0.759 0.668 0.612 
W2 – High Code 0.529 0.605 0.816 0.670 0.440 0.521 0.633 0.533 
The parameters of the HAZUS compatible fragility relationships for W1 and W2 building 
types, obtained using the capacity diagrams from the database, are given in Table 5.2. 
HAZUS compatible fragility curves can be drawn using the limit states from Table 3.4 
and utilizing Eq. (4.7). The parameters for HAZUS compatible fragility relationships of 
woodframe structures obtained using HAZUS capacity diagrams are tabulated in 
Appendix C, section C.2.2. 
5.1.3. Comparisons with Other Studies 
In literature, there are a limited number of studies that provide fragility relationships for 
woodframe buildings. In section 5.1.3, the fragility relationships obtained in this study 
are compared with the ones developed by Ellingwood et al. (2007) and Porter et al. 
(2002). It is important to note that the latter are developed for specific buildings rather 
than building groups and the fragility relationships proposed in this study cover but are 
not limited to these particular woodframe structures. Therefore, the basis for comparison 
is not to verify either of the studies but to illustrate the similarities and differences. 
5.1.3.1. Fragility Relationships from Ellingwood et al. (2007) 
Ellingwood et al. developed fragility relationships for a single storey woodframe house 
using the same ground motion records employed here. It is assumed that the overall 
behavior of the structure is governed by the shear wall having the greatest lateral 
displacement in a static pushover analysis. Ellingwood et al. (2007) modeled the latter 
80 
 using the previously mentioned software SAWS (section 3.1.3.1). Incremental dynamic 
analysis (IDS) is used for evaluation of the shear wall and the fragility curves are 
developed using a similar method to the one described in section 4.2.1. 
The GMI parameter that Ellingwood et al. employ is the spectral acceleration value at the 
fundamental period of the structure, i.e. 0.24 sec. Therefore, in order to be able to make 
comparisons, the fragility relationships developed here are converted so that they have 
the same measure of GMI. Since there is more than one structural configuration in each 
of the building categories considered in this study, the fundamental period is taken as the 
average of the of all buildings belonging to same category. 
Ellingwood et al. (2007) provide the fragility relationships for two different wall 
configurations: those with and those without seismic hold-downs (or wall anchorage). 
The one storey woodframe structure falls into the W1 building type, and the two 
configurations, with and without hold-downs, can be considered as moderate and high 
code respectively. 
Table 5.3. Differences between the present study’s proposed fragility relationships and those by 
Ellingwood et al. (2007) 
Approach  
Present Study Ellingwood et al. (2007)  
One storey woodframe 
building Structural Configuration Building group W1 and W2 
Capacity of Building Pushover curves Finite element modeling 
Taken as 1%, 2% and 3% 
interstorey drifts for IO, LS 
and CP limit states 
Limit States Defined on capacity diagrams 
Structural Assessment Advanced CSM technique IDA 
Modeling Uncertainty Taken as 0.3 Taken as 0.15 
Figure 5.10Figure 5.9 and  show the comparisons of the fragility relationships for 
moderate and high code design levels respectively. As can be observed from these plots, 
the immediate occupancy and life safety performance levels from Ellingwood et al. fall 
between slight and moderate, and between extensive and complete limit states 
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 respectively. The collapse performance level is not provided by Ellingwood et al. due to 
having negligibly small probabilities for the entire range of spectral acceleration values. 
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Figure 5.9. Comparison of fragility relationships with those from Ellingwood et al. (2007) – W1 
moderate code structure (IO: Immediate Occupancy, LS: Life Safety) 
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Figure 5.10. Comparison of fragility relationships with those from Ellingwood et al. (2007) – W1 
high code structure (IO: Immediate Occupancy, LS: Life Safety) 
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 It can be concluded that the two fragility relationships are in agreement and the 
discrepancies can be attributed to the differences between the two methodologies 
described in Table 5.3. 
5.1.3.2. Fragility Relationships from Porter et al. (2002) 
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Figure 5.11. Comparison of fragility relationships with those from Porter et al. (2002), W1 
building type (Left): pre-code seismic design level, extensive damage limit state; (Right): low 
code seismic design level, extensive damage limit state 
As a part of CUREE Caltech Woodframe Project, Porter et al. (2002) developed fragility 
relationships for the index woodframe buildings described in section 3.1.3.1. As detailed 
in Appendix A, section A.1.2.1, the computer modeling of these structures uses the 
software RUAUMOKO (Carr, 1998) and the earthquake records from Phase 2 of the 
SAC Steel Project (Somerville et al., 1997) for ground motion simulation. The latter are 
scaled based on spectral acceleration at the fundamental period of the structure from 0.1 g 
to 2.0 g with 0.1 g increments; 20 time histories are chosen randomly from the SAC 
ground motion set and each of the index buildings are analyzed for every level of scaling 
to obtain the peak transient interstorey drift ratios. The uncertainties considered in 
capacity are due to mass and damping only. The limit states are based on damage factors 
(replacement cost/total cost of building) of 0-5%, 5-20%, 20-50% and 50-100% for 
slight, moderate, extensive and complete damage states. 
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Figure 5.12. Comparison of fragility relationships with those from Porter et al. (2002), W2 
building type high code seismic design level, moderate damage limit state 
Table 5.4. Differences between proposed the fragility relationships and those by Porter et al. 
(2002) 
Approach  
Present Study Porter et al. (2002)  
Specific buildings, i.e. index 
woodframe structures Structural Configuration Building group W1 and W2 
Capacity of Building Pushover curves Finite element modeling 
Defined in terms of damage 
factors Limit States Defined on capacity diagrams 
Structural Assessment Advanced CSM technique Nonlinear time history 
Synthetically generated time 
histories for CEUS 
(Fernandez, 2007)  
Ground Motion Selection 
and Scaling 
SAC Phase 2 time histories 
(Somerville et al., 1997) 
Porter et al. (2002) provided fragility relationships in HAZUS compatible format, so this 
format is used here for comparison purposes. Fragility parameters for all the index 
buildings defined in Table 3.2 are provided. However, for most of them the extensive and 
complete damage fragility curves have negligibly low probabilities. Porter et al. (2002) 
ascribed this to those limit states not being satisfied for the adopted scaling levels. 
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 The classification of index woodframe buildings in terms of seismic design level based 
on the criteria used in this study (explained in section 3.1.4.1) are given in Table A.20, of 
Appendix A. Although results from the two studies are in agreement for a small number 
of design level damage state pairs (see Figure 5.11), for most of the cases, there are 
significant differences between the fragility relationships (see Figure 5.12). In addition, 
as stated above, for most of the extensive and complete damage limit states of the index 
buildings, results from Porter et al. (2002) have exceedance probabilities very close to 
zero. Since the highest uncertainty is introduced through ground motion records, the 
differences between the fragility relationships are mainly due to use of time histories with 
considerably different characteristics. In addition, Porter et al. (2002) scales the latter the 
ground motions based on spectral acceleration at the fundamental period of structure by 
while this study uses PGA for this purpose. Table 5.4 summarizes the different 
approaches from these two studies providing insight into discrepancies between the 
fragility relationships. 
5.2. FRAGILITY RELATIONSHIPS FOR OTHER BUILDING TYPES 
Assembling a database in order to represent the capacity component of the fragility 
analysis requires considerable time and effort. For the important woodframe building 
type, this study carries out this task and uses it to demonstrate fully the fragility analysis 
framework proposed here. Extension of the available database of capacity diagrams to 
other building types is underway although it is out of the scope of this study. 
Nonetheless, the current framework is extended to other building types using the 
available capacity diagrams from HAZUS (HAZUS Technical Manual Chapter 5 - 
National Institute of Building Sciences, 2003). 
As is done for the woodframe building types in the previous sections, the developed 
fragility relationships for the rest of building types analyzed are presented in two formats 
i.e. conventional and HAZUS compatible. 
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 5.2.1. Conventional Fragility Relationships 
As an example of conventional fragility relationships for other building types, fragility 
curves for all four seismic design levels of building type S3 (see Table 3.1 for the list of 
building types) are provided in Figure 5.13. S3 comprises steel, light frame buildings. 
These are single storey, pre-engineered and prefabricated structures. Further details can 
be found in HAZUS Technical Manual Chapter 5, page 5-9. 
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Figure 5.13. Fragility curves for all seismic design levels of S3 building type (Top-Left): Pre- 
code; (Top-Right): Low code; (Bottom-Left): Moderate code; (Bottom-Right): High code seismic 
design 
The improved fragility relationships in conventional format can be utilized using the limit 
states defined in Table C.1, fragility parameters from Table C.2 or Table C.3 (depending 
on the soil profile), and Eq. (4.4). 
5.2.2. HAZUS Compatible Fragility Relationships 
Improved HAZUS compatible relationships are important in that the parameters can be 
input to the software and advanced, region specific simulations can be carried out. The 
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 improvements for building types other than woodframe are basically in earthquake 
demand and the methodology for structural assessment owing to the fact that that same 
building capacity is employed (and assuming that the difference between the convolution 
process used here, which is modified in order to be able to process the data, and the 
original one is negligible). As a result, it is possible to investigate the combined effect of 
improvement in the earthquake demand and methodology for structural assessment 
(second and the third components of the fragility analysis framework) which is revealed 
by a comparison between the available HAZUS fragility curves and those derived here by 
using the HAZUS capacity diagrams. 
Since capacity diagrams (and hence the limit states) are taken from HAZUS, the original 
fragility curves from HAZUS and the improved ones presented here are anchored to the 
same point. The parameter that changes the shape of the curves is the standard deviation 
of the lognormal distribution, i.e. ߚ௧௢௧ in Eq. (4.7). For illustration purposes, the extensive 
damage limit state of the S3 building type high code seismic design level is used (see 
Figure 5.14). 
As observed from the below figure, there is a slight difference between the results of 
uplands and lowlands soil profiles while the original HAZUS curve has a significantly 
higher uncertainty associated with it. This observation is true for all the cases considered 
– all building types, seismic design, and damage state levels – with a few exceptional 
cases. Therefore it can be concluded that HAZUS predicts higher uncertainty when 
compared with the results obtained from the simulations performed in this study. The 
impact is that HAZUS overestimates the damage for limit states whose threshold value is 
not exceed while contrariwise, it underestimates the damage. This result can be attributed 
to the judgmental foundations of the HAZUS curves. In order to render them applicable 
to a wider region (the whole USA), it is plausible to assign higher uncertainty to fragility 
relationships. 
One can use the above described logical reasoning and the results provided in Figure 5.15 
and Figure C.1 through Figure C.3 so as to draw conclusions regarding the difference 
between the original HAZUS curves and the improved ones provided here. 
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The improved fragility relationships for the building types defined in Table 3.1, can be 
input to HAZUS using the original limit state threshold values from Table C.1 and 
derived standard deviation values from Table C.4 or Table C.5 (depending on the soil 
type). 
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Figure 5.14. Effect of uncertainty (standard deviation of the lognormal distribution) on the 
fragility curves for the S3 high code building category, extensive damage limit state 
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Figure 5.15. Comparison of standard deviation values from HAZUS and improved fragility analysis – pre-code seismic design level
 
 
 CHAPTER 6  
CONCLUSIONS 
In this study a new framework is proposed for deriving fragility relationships for 
populations of buildings. Thirty six building types are considered while particular focus 
is placed on woodframe structures. Earthquake records specifically developed for the 
CEUS are used for ground motion characterization. An advanced CSM is developed and 
implemented for structural response assessment. The proposed fragility relationships are 
provided in a suitable format for direct implementation in both HAZUS and in other loss 
assessment software. 
Conclusions were drawn in various parts of the report. Below, the main outcomes are 
reiterated. 
• In order to provide a comprehensive set of fragilities for all the main types of 
building inventory for future loss assessment studies, 36 different building types 
of wood, steel, concrete, and masonry (as well as mobile homes) are considered 
in the report. These building types are further refined using four seismic design 
levels, i.e. pre-, low, moderate, and high seismic code. 
• Special attention is focused on woodframe buildings due to the available 
statistics indicating the prevalence of this type of construction in CEUS and 
elsewhere in the USA. Indeed, 80-90% of all buildings in many parts of the USA 
are woodframe. 
• The capacity of woodframe buildings is represented by a database of analysis-
based pushover curves from available studies in literature. The extension to other 
buildings is carried out using the set of capacity diagrams from HAZUS. 
• The classification of pushover curves into the two considered woodframe 
building types is based on the floor area and height while differentiation in terms 
of seismic design levels is based on the observed base shear coefficients. 
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 • For woodframe buildings, pushover curves are converted to capacity diagrams 
and performance limit states are determined on the latter based on well 
established engineering criteria. For the remaining building types limit states 
from HAZUS are utilized. 
• Variation in building capacity for woodframe structures is naturally achieved by 
a employing a number of different capacity diagrams under the same building 
category. For the remaining building types, the importance sampling technique is 
applied to median capacity diagrams provided in HAZUS. 
• The demand is represented by synthetically-generated ground motion records 
compatible with the seismo-tectonic environment of the NMSZ in the CEUS 
(Fernandez, 2007). Two soil profiles are considered, i.e. lowlands (soft soils) and 
uplands (rock sites) profiles. 
• Representing the capacity of buildings using pushover curves entailed the use of 
a similar procedure to CSM. Through investigations on the available variants of 
CSM, shortcomings in the prediction of the displacement demands were 
observed. Therefore an advanced CSM, incorporating inelastic dynamic analysis, 
is developed and verified using test cases. This new version of CSM is 
subsequently used for structural assessment. 
• Two different techniques are used to obtain the parameters of the improved 
fragility relationships in order to make their use in future earthquake loss 
assessment studies utilizing both HAZUS and other software. 
• Comparisons between the fragility relationships for woodframe buildings 
obtained using capacity curves from HAZUS and the analytically-based 
counterparts confirm that the capacity representation has a significant impact on 
the final fragility relationships. Indeed, use of the HAZUS capacity curves leads 
to the underestimation of damage probabilities for pre-code seismic design level 
of W1 building type and pre-, low, and moderate code seismic design levels of 
W2 building type. On the contrary, for the low, moderate, and high codes of W1 
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 and the high code of W2 building types, a higher probability of damage is 
predicted when the HAZUS capacity curves are used. 
• Fragility curves based on analytical simulations and their consistent limit states 
are more reliable than relying on expert opinion as in the case of HAZUS. 
• The lowlands soil profile yields higher damage probabilities than uplands soil 
profile for all damage state levels and the entire range of the GMI parameter. 
• The observed common trend in comparing the HAZUS and new fragilities is that 
HAZUS underestimates damage as the strength of the structure increases. This is 
mainly attributed to the high limit state threshold values defined in HAZUS. 
• Comparisons of the new fragilities with those from other studies indicate that 
there is a good agreement with the work of Ellingwood et al. (2007) for the one-
storey woodframe building. The differences between these two studies are 
mainly due to capacity of building representation and limit state determination. 
• It is further observed that fragility relationships from Porter et al. (2002) are 
close to the new ones in some cases and significantly different in others. 
Earthquake demand representation has a great influence on the results and the 
discrepancies between the two are mainly attributed to use of fundamentally 
different record sets. 
• Since capacity diagrams and limit states from HAZUS are used in the derivation 
of fragility relationships for buildings other than woodframe, the differences 
from the original curves in HAZUS are only due to differences in standard 
deviation values (or uncertainty). It is noted that lower uncertainties are 
associated with all the building types when the earthquake ground motion set for 
CEUS are used. The impact of using this set is that HAZUS overestimates the 
damage for limit states whose threshold value is not exceeded, while it otherwise 
underestimates damage. This observation is attributed to the judgmental nature of 
the HAZUS curves. 
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The framework proposed in this report is amenable to rapid and efficient updating with 
additional pushover curves and ground motion records. The outcome of the work 
presented herein is a more reliable set of simulation-based fragility relationships. Owing 
to the rigorous models, limit states, and input motion used, the relationships are 
recommended for use in HAZUS and other impact assessment software. The new 
fragility curves are of interest to researchers because of the new approach in deriving 
them, and to risk modelers and managers because of the reliability of impact assessments 
obtained from their use. The importance of the work presented in this study is 
emphasized by the observation that the overwhelming majority of structures in many 
regions in the Central USA are woodframe construction, for which advanced analysis-
based fragilities are provided. 
Equation Chapter 1 Section 1 
 
 APPENDIX A 
A.1. CAPACITY OF BUILDINGS 
A.1.1. Building Types 
Detailed description of the building types can be found in (HAZUS Technical Manual 
Chapter 5 - National Institute of Building Sciences, 2003), here only those of W1 and W2 
are given. 
A.1.1.1. Wood, Light Frame (W1) 
These are typically single-family or small, multiple-family dwellings of not more than 
5,000 ft2 of floor area. The essential structural feature of these buildings is repetitive 
framing by wood rafters or joists on wood stud walls. Loads are light and spans are small. 
These buildings may have relatively heavy masonry chimneys and may be partially or 
fully covered with masonry veneer. Most of these buildings, especially the single-family 
residences, are not engineered but constructed in accordance with “conventional 
construction” provisions of building codes. Hence, they usually have the components of a 
lateral-force-resisting system even though it may be incomplete. Lateral loads are 
transferred by diaphragms, roof panels and floors that may be sheathed with sawn 
lumber, plywood or fiber wood sheeting. Shear walls are sheeted with boards, stucco, 
plaster, plywood, gypsum board, particle board, or fiber board, or interior partition walls 
sheathed with plaster or gypsum board 
A.1.1.2. Wood, Greater than 5,000 ft2 (W2) 
These buildings are typically commercial or industrial buildings, or multi-family 
residential buildings with a floor area greater than 5,000 ft2. These buildings include 
structural systems framed by beams or major horizontally spanning members over 
columns. These horizontal members may be glue-laminated (glue-lam) wood, solid-sawn 
wood beams, or steel beams or trusses. Lateral loads usually are resisted by wood 
diaphragms and exterior walls sheathed with plywood, stucco, plaster, or other paneling. 
The walls may have diagonal rod bracing. Large openings for stores and garages often 
require post-and-beam framing. Lateral load resistance on those lines may be achieved 
with steel rigid frames (moment frames) or diagonal bracing. 
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 A.1.2. Woodframe Structures Database 
A.1.2.1. CUREE-Caltech Woodframe Project 
Shake Table Tests of a Two Storey Woodframe House: 
Definition of the phase 9 test structure is: “Two-stories with roof, east & west sheathed 
with window openings and small door opening on west wall and large door opening on 
east wall, north & south sheathed with openings, second floor diaphragm nailed at 100% 
with no blocking & PL400 adhesive.” For the phase 10 structure the definition is the 
same with the one for phase 9 test structure except the statement: “Finished with exterior 
stucco and interior gypsum wallboard.” (Fischer et al., 2001) 
Elevation and plan views of the structure are shown in Figure and Figure A.2, 
respectively. 
 
Figure A.1. Elevation views of the test structures (Fischer et al., 2001) 
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Figure A.2. Plan views of the test structures (Fischer et al., 2001) 
Phase 9 and 10 structures are modeled using the software SAWS. The test structure is 
modeled as a planar pancake system with the floor diaphragm and roof diaphragm 
superimposed on top of each other. The foundation of the structural model was connected 
to the floor diaphragm with zero-length non-linear shear springs to the first storey shear 
walls. Similarly the floor diaphragm was connected to the roof diaphragm with zero-
length non-linear springs representing the second storey shear walls. The mass of each 
storey is assumed to be distributed uniformly in the corresponding floor diaphragm. The 
modelings of each of the phase 9 and 10 structures are shown in Figure A.3. 
Hysteresis behavior developed by Folz and Filiatrault (2001) is used for each of the shear 
walls present in these models (see Figure A.4). This model includes pinching, stiffness, 
and strength degradation. The software Cyclic Analysis of Shear Walls – CASHEW 
(Folz and Filiatrault, 2000) is used to determine the parameters of the hysteresis models 
mentioned. Data obtained through experimental testing of these shear wall is given as 
given as input to CASHEW. 
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Figure A.3. SAWS model for (Left): Phase 9 test structure; (Right): Phase 10 test structure (Folz 
and Filiatrault, 2002) 
 
Figure A.4. Hysteresis model developed by Folz and Filiatrault (2001) 
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 The height and weight data as well as the constants for conversion of pushover curves to 
capacity diagrams for these two structures are given in Table A.1. 
Table A.1. Height and weight information and conversion factors from pushover curve to 
capacity diagram for Phase 9 and Phase 10 test structures 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛Storey 
Number 
Storey Height from Ground 
(in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 108 13.8 0.64 8.82 5.63 
2 216 10.8 1 10.8 10.8 
SUM  24.6 - 19.62 16.43 
ડ 
Conversion Factors 
ડܕכ܏
܅
1.194 
0.952  
where ݓ௜ are the storey weights and ܹ is the total weight of the structure. The conversion factor 
for base shear is normalized by the total weight of the structure. 
It is important to note here that additional weights are used when necessary to keep the total 
seismic weight of the structure constant during different phases of testing. 
Seismic Modeling of Index Woodframe Buildings: 
The design of the woodframe index buildings is done by private construction companies. 
Design drawings and all information regarding the construction materials, nailing 
patterns, and other details can be found in (Isoda et al., 2002; Reitherman and Cobeen, 
2003). 
Below, a short description and representative figures for each of these buildings, i.e. 
small house, large house, small townhouse, and apartment building are provided. 
i. Small house: 
Description from Reitherman and Cobeen (2003): “A one storey, two bedrooms, one bath 
house built circa 1950 with a simple 1,200 square foot floor plan on a level lot. 
Prescriptive construction is assumed. Wood framed floor cripple walls are included in the 
poor- and typical-quality construction variants.” 
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Figure A.5. Illustration of the small house index building (Reitherman and Cobeen, 2003) 
Table A.2 summarizes the variants for small house index building. The height and weight 
data as well as the constants for conversion of pushover curves to capacity diagrams for 
small house index building are given in Table A.3. 
Table A.2. Construction variants for small house index building (Isoda et al., 2002) 
Superior Quality Typical Quality Poor Quality 
Unbraced cripple wall with 
poor-quality stucco, 55 % of 
stiffness and strength from 
high-quality laboratory tests 
Unbraced cripple wall with 
average-quality stucco, 80 % 
of stiffness and strength from 
high-quality laboratory tests 
Concrete Stem Wall 
Good quality stucco, 100 % of 
stiffness and strength from 
high-quality laboratory test 
Average quality stucco, 90 % 
of stiffness and strength from 
high-quality laboratory tests 
Poor quality stucco, 70 % of 
stiffness and strength from 
high-quality laboratory tests 
Poor nailing of interior 
gypsum wallboard, 75 % of 
stiffness and strength from 
high-quality laboratory tests 
Good nailing of interior 
gypsum wallboard, 85 % of 
stiffness and strength from 
high-quality laboratory tests 
Superior nailing of interior 
gypsum wallboard, 100 % of 
stiffness and strength from 
high-quality laboratory tests 
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 Table A.3. Height and weight information and conversion factors from pushover curve to 
capacity diagram for small house index building 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from Ground 
(in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 24 16.63 0.1 1.74 0.18 
2 132 28.94 1 28.94 28.94 
SUM  45.57 - 30.68 29.12 
ડ 
Conversion Factors 
ડܕכ܏
܅
1.053 
0.709  
ii. Large House: 
 
Figure A.6. Illustration of the large house index building (Reitherman and Cobeen, 2003) 
Description from Reitherman and Cobeen (2003): “An engineered two storey single 
family dwelling of approximately 2,400 square feet on a level lot with a slab on grade 
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 and spread footings. This building is assumed to have been built as a housing 
development, production house, either in the 1980’s or 1990’s.” 
Table A.4 summarizes the variants for large house index building. The height and weight 
data as well as the constants for conversion of pushover curves to capacity diagrams for 
large house index building are given in Table A.5. 
Table A.4. Construction variants for large house index building (Isoda et al., 2002) 
Superior Quality Typical Quality Poor Quality 
Good nailing of diaphragms, 
100% of stiffness and strength 
from high-quality laboratory 
tests 
Average nailing of 
diaphragms, 90% of stiffness 
and strength from high-quality 
laboratory tests 
Poor nailing of diaphragms, 
80% of stiffness and strength 
from high-quality laboratory 
tests 
Poor nailing of shear walls, 
20% greater of nail spacing, 
5% reduction of stiffness and 
strength due to water damage 
Good nailing of shear walls, 
100% of stiffness and strength 
from high-quality laboratory 
tests 
Average nailing of shear 
walls, 5% greater of nail 
spacing 
Poor connections between 
structural elements, 20% 
reduction of stiffness and 
strength in shear walls from 
high-quality laboratory tests 
Typical connections between 
structural elements, 10% 
reduction of stiffness and 
strength in shear walls from 
high-quality laboratory tests 
Good connections between 
structural elements, 100% of 
stiffness and strength from 
high-quality laboratory tests 
Good Quality Stucco, 100% of 
stiffness and strength from 
high-quality laboratory tests 
Average Quality Stucco, 90% 
of stiffness and strength from 
high-quality laboratory tests 
Poor-Quality Stucco, 70% of 
stiffness and strength from 
high-quality laboratory tests 
Poor Nailing of interior 
gypsum wallboard, 75% of 
stiffness and strength from 
high-quality laboratory tests 
Good Nailing of interior 
gypsum wallboard, 85% of 
stiffness and strength from 
high-quality laboratory tests 
Superior Nailing of interior 
gypsum wallboard, 100% of 
stiffness and strength from 
high-quality laboratory tests 
Table A.5. Height and weight information and conversion factors from pushover curve to 
capacity diagram for large house index building 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from Ground 
(in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 108 45.26 0.49 22.38 11.06 
2 216 27.93 1 27.93 27.93 
SUM  73.19 - 50.31 38.99 
ડ 
Conversion Factors 
ડܕכ܏
܅
1.290 
0.887  
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 iii. Small Townhouse: 
Description from Reitherman and Cobeen (2003): “A two-storey 1,500 to 1,800 square 
foot unit with a common wall. Part of the dwelling is over a two-car garage. It is on a 
level lot with a slab on grade and spread foundations. It is recently built and the seismic 
design is engineered.” 
 
Figure A.7. Illustration of the small townhouse index building (Reitherman and Cobeen, 2003) 
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 The construction variants for small townhouse index building are same as those of the 
large house index building. The height and weight data as well as the constants for 
conversion of pushover curves to capacity diagrams for small townhouse index building 
are given in Table A.6. 
Table A.6. Height and weight information and conversion factors from pushover curve to 
capacity diagram for small townhouse index building 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from Ground 
(in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 108 89.25 0.34 30.44 10.38 
2 216 99.87 1 99.87 99.87 
SUM  189.12 - 130.31 110.25
ડ 
Conversion Factors 
ડܕכ܏
܅
1.182 
0.814  
iv. Apartment Building: 
Description from Reitherman and Cobeen (2003): “A three storey, rectangular building 
with ten units, each with 800 square feet and space for mechanical and common areas. 
All walls and elevated floors are woodframe. It has parking on the ground floor. Each 
unit has two bedrooms, one bath and one parking stall. It would be constructed prior to 
1970 and “engineered” to a minimal extent. 
Table A.7. Height and weight information and conversion factors from pushover curve to 
capacity diagram for apartment index building 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 108 120.15 0.35 42.23 14.84 
2 216 127.60 0.75 95.29 71.15 
3 324 100.16 1 100.16 100.16
SUM  347.91 - 237.678 186.15
Conversion Factors 
ડ 
ડܕכ܏
܅
1.277 
0.872  
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Figure A.8. Illustration of the apartment index building (Reitherman and Cobeen, 2003) 
The construction variants for apartment index building are the same as those of the large 
house index building. The height and weight data as well as the constants for conversion 
of pushover curves to capacity diagrams for apartment index building are given in Table 
A.7. 
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 v. Modeling Approach for Index Woodframe Buildings: 
As mentioned in the main text, the software RUAUMOKO is used for finite element 
modeling of the buildings. Similar to the Two-storey Shake Table Test Structures, the 
index buildings are modeled as a planar “pancake” system with the floor diaphragm and 
roof diaphragm superimposed on top of each other (Figure A.9). Again zero-length non-
linear shear spring elements are used to connect the floor diaphragms. And the floor 
diaphragms are modeled using plane stress quadrilateral finite elements with very high 
in-plane stiffness. Frame elements are used along the edges of floor diaphragms to 
connect the corners of the quadrilateral elements to the shear wall elements. The bending 
stiffness of the frame elements is assumed to be very small to allow free deformations of 
the diaphragm. The axial stiffness of the frame elements is assumed to be very high in 
order to distribute the in-plane forces of the shear elements along the edges of the floor 
diaphragms. 
 
Figure A.9. Pancake model for analysis of index woodframe buildings (Isoda et al., 2002) 
Each wall in the structure (shear, cripple and gypsum) is modeled by a single zero-length 
nonlinear in-plane shear spring using the Wayne Stewart hysteresis rule (Stewart, 1987). 
Figure A.10 shows this hysteresis rule and the required input parameters for the 
RUAUMOKO program. Note that this hysteresis rule incorporates stiffness and strength 
degradations. 
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Figure A.10. Wayne Stewart degrading hysteresis model used in RUAUMOKO (Isoda et al., 
2002) 
The seismic weight of each structure for use in the model is computed using the dead 
load of all elements. This dead load is distributed as lumped seismic weights at the nodes 
according to their tributary areas. For each building model, a Rayleigh viscous damping 
model is considered. This damping model is based on damping ratios of 1% of critical in 
the first and second elastic modes of vibration. 
Again the software CASHEW is utilized to fit experimental data from different sources 
including The University of California at Irvine for the City of Los Angeles (COLA) 
Project (Pardoen et al., 2003), The University of California at Davis under CUREE-
Caltech Woodframe Project (Chai et al., 2002), to the Wayne-Stewart hysteresis model, 
obtaining the required parameters. 
A.1.2.2. ATC-63 Project 
This set of archetype buildings includes designs for: 
i. High seismic region, high gravity loading 
ii. High seismic region, low gravity loading 
iii. Low seismic region, high gravity loading 
iv. Low seismic region, low gravity loading 
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 The main assumptions incorporated into the archetype building designs are: 
i. Torsional response is not considered, allowing archetypes to be represented as 
single wall lines in 2-D models 
ii. Contribution to strength and stiffness from non-structural finishes and partitions 
is not considered 
Archetype index buildings cover the specified ranges of the shown variables in Table 
A.8. These are further explained below. 
The number of stories ranges from one to five. Woodframe buildings of two to three 
stories are common across most of the United States. And multi-family woodframe 
buildings of four to five stories represent a growing trend, especially along the West 
Coast. 
Archetypes are designed for seismic loads in accordance with ASCE 7-05 (American 
Society of Civil Engineers, 2005). Through an iterative design procedure a reduction 
factor of ܴ ൌ 6 is found to be satisfactory for all sixteen archetype index buildings, 
resulting in a design base shear coefficient of 1.00 g for high seismic hazard (SDC D) and 
0.375g for low seismic hazard (SDC B/C). Design for wind loads is not considered. 
The third variable, building use, includes residential use; other uses including 
commercial. The primary difference between residential and commercial use is the 
spacing between shear wall lines, which in turn affects the seismic mass tributary to a 
given wall line. Residential buildings inherently have more walls and therefore closer 
spacing between shear wall lines. Buildings for other uses are more likely to be a big 
open box with shear walls at the perimeter or much more widely spaced.  
Table A.8. Range of variables considered for the definition of woodframe archetype buildings 
(Applied Technology Council, 2007) 
Variable Range 
Number of Stories 1 to 5 
Seismic Design Categories (SDC) B/C and D 
Storey Height 10 ft 
Non-structural Wall Finishes Not Considered 
Wood Shear Wall Pier Aspect Ratios High/Low 
The building use variable is also associated with variations in shear wall aspect ratios. 
Residential archetypes are designed with high aspect ratio shear walls (height/width of 
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 2.7 to 3.3), reflecting the prevalence of these shear walls in residential construction. 
Other uses are designed with low aspect ratio shear walls (height/width of 1.5 or less), 
also consistent with prevalent construction. This variation is included to allow evaluation 
of aspect ratio effects in the analysis. Two exceptions occur where high aspect ratios are 
used for commercial use in low seismic hazard zones, because the shear wall length 
required did not justify use of low aspect ratio shear walls. 
It is worth including the following recommendations from the ATC-63 committee 
(Applied Technology Council, 2007) for these archetype index buildings. 
“Three recommendations are made when developing seismic design parameters for new 
building systems intended to be incorporated into wood light-frame buildings. First, a 
mix of shear wall aspect ratios is likely to be the norm. It is recommended that careful 
thought be given to whether a condition of all high, all low, or mixed aspect ratios is most 
critical. This might change with the system being considered. Second, in many cases new 
bracing elements may be mixed with conventional shear wall bracing, and may be 
designed to carry a small or large portion of the storey shear. The portion of the storey 
shear carried by the new system may need to be added as an archetype variable. Third, 
the effect of finish materials should be reconsidered in the context of the system being 
proposed; it may be appropriate to include a range of finish material effect as an 
archetype variable.” 
The two different building configurations used to define the two-dimensional archetype 
configurations for woodframe buildings are shown below. The first configuration, Figure 
A.11, is representative of residential building dimensions, while the second configuration, 
Figure A.12, is associated with office, retail, educational, and warehouse manufacturing 
woodframe buildings. 
Similar to the Phase 9 and 10 structures in this report, archetype buildings are modeled 
based on a “pancake” approach. The computer program SAWS is used for analysis 
purposes. SAWS only allows analysis of 3-D models, therefore degenerated 2-D models 
are constructed. 
As explained before, the building structure is composed of rigid horizontal diaphragms 
and nonlinear lateral load resisting shear wall elements. The hysteretic behavior of each 
wall panel is represented by an equivalent nonlinear shear spring element. For wood 
shear walls the hysteresis model developed by Folz and Filiatrault (2001) is used. 
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Figure A.11. Residential building configuration (Applied Technology Council, 2007) 
 
Figure A.12. Commercial building configuration (Applied Technology Council, 2007) 
The experimental test data from CUREE-Caltech Woodframe Project (Fonseca et al., 
2002), the Network of Earthquake Engineering Simulation’s (NEES) NEESWood Project 
(Ekiert and Hong, 2006), and COLA wood shear wall test program (COLA, 2001) are 
used to determine the parameters of above mentioned hysteresis model in order to 
represent the behavior of shear wall in archetype index buildings. 
The archetype buildings are summarized in Table A.9. 
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 Table A.9. Summary of woodframe archetype structural design properties (Applied Technology 
Council, 2007) 
ࢂ
ࢃൗ  
Model 
# 
No. of 
Stories 
Building 
Configuration 
Wall Aspect
Ratio 
 Actual Natural 
Period, T (sec) 
High Seismic Design (SDC D) – ࡾ ൌ ૟ 
1 1 Commercial Low 0.51 0.117
2 1 1&2 Family High 0.38 0.117
5 2 Commercial Low 0.52 0.117
6 2 1&2 Family High 0.46 0.117
9 3 Commercial Low 0.61 0.117
10 3 Multi-Family High 0.47 0.117
13 4 Multi-Family High 0.52 0.117
15 5 Multi-Family High 
Low Seismic Design (SDC B/C) – ࡾ ൌ ૟ 
0.64 0.117
3 1 Commercial High 0.65 0.044
4 1 1&2 Family High 0.53 0.044
7 2 Commercial High 0.74 0.044
8 2 1&2 Family High 0.80 0.044
11 3 Commercial Low 1.10 0.044
12 3 Multi-Family High 0.83 0.044
14 4 Multi-Family High 0.99 0.044
16 5 Multi-Family High 1.12 0.044
In the tables below the height and weight data as well as the constants for conversion of 
pushover curves to capacity diagrams for the sixteen archetype buildings are given. 
Table A.10. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 1 and 3 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 41 1 41 41 
SUM  41 - 41 41 
Conversion Factors 
ડ 
ડܕכ܏
܅
1 
1  
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 Table A.11. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 2 and 4 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 13.65 1 13.65 13.65 
SUM  13.65 - 13.65 13.65 
Conversion Factors 
ડ 
ડܕכ܏
܅
1 
1  
Table A.12. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 5 and 7 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 82 1 82 82 
2 264 41 1 41 41 
SUM  123 - 123 123 
Conversion Factors 
ડ 
ડܕכ܏
܅
1 
1  
Table A.13. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 6 and 8 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 17.30 0.63 10.96 6.95 
2 264 13.65 1 13.65 13.65 
SUM  30.95 - 24.61 20.60 
Conversion Factors 
ડ 
ડܕכ܏
܅
1.195 
0.950  
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 Table A.14. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 9 and 11 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 82 0.67 54.67 36.44 
2 264 82 1.33 109.33 145.78 
3 396 41 1 41 41 
SUM  205 - 205 232.22 
Conversion Factors 
ડ 
ડܕכ܏
܅
0.918 
0.918  
Table A.15. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 10 and 12 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 27.3 0.67 18.20 12.13 
2 264 27.3 1.33 36.40 48.53 
3 396 13.65 1 13.65 13.65 
SUM  68.25 - 68.25 74.31 
Conversion Factors 
ડ 
ડܕכ܏
܅
0.918 
0.918  
Table A.16. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 13 and 14 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 132 27.3 0.5 13.65 6.83 
2 264 27.3 1.0 27.3 27.3 
3 396 27.3 1.5 40.95 61.43 
4 528 13.65 1 13.65 13.65 
SUM  95.55 - 95.55 109.21 
Conversion Factors 
ડ 
ડܕכ܏
܅
0.875 
0.875  
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 Table A.17. Height and weight information and conversion factors from pushover curve to 
capacity diagram for archetype buildings with model # 15 and 16 
Storey 
Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips)    
Base 0 0 0 0 0 
1 132 27.3 0.4 13.92 4.37 
2 264 27.3 0.8 21.84 17.47 
3 396 27.3 1.2 32.76 39.31 
4 528 27.3 1.6 43.68 69.89 
5 660 13.65 1 13.65 13.65 
SUM  122.85 - 122.85 144.69 
Conversion Factors 
0.849  
0.849  
Design drawings for each of the archetype buildings are provided in Figure A.13 through 
Figure A.28. 
 
Figure A.13. Design drawings of archetype buildings, model # 1, commercial 2 x 8.5 ft 
(Filiatrault, 2007) 
 
Figure A.14. Design drawings of archetype buildings, model # 2, residential 3 x 3 ft (Filiatrault, 
2007) 
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Figure A.15. Design drawings of archetype buildings, model # 3, commercial 4 x 3 ft (Filiatrault, 
2007) 
 
Figure A.16. Design drawings of archetype buildings, model # 4, residential 2 x 3 ft (Filiatrault, 
2007) 
 
Figure A.17. Design drawings of archetype buildings, model # 5, commercial 3 x 10 ft 
(Filiatrault, 2007) 
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Figure A.18. Design drawings of archetype buildings, model # 6, residential 6 x 3 ft (Filiatrault, 
2007) 
 
 
Figure A.19. Design drawings of archetype buildings, model # 7, commercial 6 x 3 ft – six 
separate walls (Filiatrault, 2007) 
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Figure A.20. Design drawings of archetype buildings, model # 8, residential 3 x 3 ft (Filiatrault, 
2007) 
 
Figure A.21. Design drawings of archetype buildings, model # 9, commercial 3 x 9 ft (Filiatrault, 
2007) 
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Figure A.22. Design drawings of archetype buildings, model # 10, residential 5 x 3 ft – five 
separate walls (Filiatrault, 2007) 
 
Figure A.23. Design drawings of archetype buildings, model # 11, commercial 2 x 7 ft 
(Filiatrault, 2007) 
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Figure A.24. Design drawings of archetype buildings, model # 12, residential 3 x 3 ft (Filiatrault, 
2007) 
 
Figure A.25. Design drawings of archetype buildings, model # 13, residential 6 x 3.3 ft – six 
separate walls (Filiatrault, 2007) 
118 
  
 
 
 
Figure A.26. Design drawings of archetype buildings, model # 14, residential 4 x 3 ft (Filiatrault, 
2007) 
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Figure A.27. Design drawings of archetype buildings, model # 15, residential 6 x 3.7 ft – six 
separate walls (Filiatrault, 2007) 
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Figure A.28. Design drawings of archetype buildings, model # 16, residential 4 x 3.7 ft 
(Filiatrault, 2007) 
 
 
121 
 A.1.2.3. Texas A&M Woodframe Structures 
The height and weight data as well as the constants for conversion of pushover curves to 
capacity diagrams for the three Texas A&M woodframe buildings, i.e. the one-storey, 
small two-storey, and large two-storey buildings, are given below. The small two-storey 
woodframe building is omitted since it would include the same parameters shown in 
Table A.1, as a result of having the same storey heights and weights as the phase 9 and 10 
test structures. 
Table A.18. Height and weight information and conversion factors from pushover curve to 
capacity diagram for one-storey woodframe structure 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 96 15 1 15 15 
SUM  15 - 15 15 
ડ 
Conversion Factors 
ડܕכ܏
܅
1 
1  
Table A.19. Height and weight information and conversion factors from pushover curve to 
capacity diagram for large two-storey woodframe structure 
ࣘ࢏ ࢝࢏ࣘ࢏ ࢝࢏ࣘ࢏
૛ Storey Number 
Storey Height from 
Ground (in) 
Storey Weight 
(kips) 
Base 0 0 0 0 0 
1 96 37.7 0.65 24.68 16.15 
2 192 28.8 1 28.80 28.80 
SUM  66.5 - 53.48 44.95 
Conversion Factors 
ડ 
ડܕכ܏
܅
1.190 
0.957  
The dimensions and elevation views both in X and Y directions for these buildings are 
shown in Figure A.29 through Figure A.34. 
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Figure A.29. X – direction elevation view and dimensioning of the one-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
 
 
 
Figure A.30. Y – direction elevation view and dimensioning of the one-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
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Figure A.31. X – direction elevation view and dimensioning of the small two-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
 
 
 
 
Figure A.32. Y – direction elevation view and dimensioning of the small two-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
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Figure A.33. X – direction elevation view and dimensioning of the large two-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
 
Figure A.34. Y – direction elevation view and dimensioning of the large two-storey woodframe 
building (Rosowsky and WeiChiang, 2007) 
125 
 A.1.3. Capacity Diagrams and Performance Limit States 
A.1.3.1. Woodframe Buildings in the Database 
The categorization of each of the structural configurations included in the database for 
woodframe buildings is provided in Table A.20. 
Table A.20. Classification of structural configurations in the database 
Building Category Structural Configuration 
Small House – Poor 
W1 – Pre-Code  ATC-63 Model # 4 
ATC-63 Model # 8 
Small House – Typical 
ATC-63 Model #2 
W1 – Low Code 
ATC-63 Model #6 
Texas A&M Large Two Storey 
Large House – Poor 
Small Townhouse – Poor 
W1 – Moderate Code  
Small Townhouse Typical 
Texas A&M – Small Two Storey 
Phase 9 Test Structure 
Phase 10 Test Structure 
Small House – Superior 
W1 – High Code Large House – Typical 
Large House – Superior 
Small Townhouse – Superior 
Texas A&M – One Storey 
ATC-63 Model #3 
ATC-63 Model #7 
ATC-63 Model #11 
W2 – Pre-Code 
ATC-63 Model #12 
ATC-63 Model #14 
ATC-63 Model #16 
ATC-63 Model #1 
W2 – Low Code ATC-63 Model #5 
ATC-63 Model #9 
Apartment Building – Poor 
ATC-63 Model #10 
W2 – Moderate Code 
ATC-63 Model #13 
ATC-63 Model #15 
Apartment Building – Typical 
W2 – High Code 
Apartment Building – Superior 
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 The threshold values for four limit states for structural damage, i.e. slight, moderate, 
extensive, and complete, are based on the definitions by Park (1988), shown in the below 
figures respectively. 
 
Figure A.35. Yield point definitions by Park (1988) used for determining structural damage 
states (Left): Slight damage; (Right): Moderate damage 
 
Figure A.36. Ultimate point definitions by Park (1988) used for determining structural damage 
states (Left): Moderate damage; (Right): Complete damage 
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 A.1.3.2. Other Building Types Based on HAZUS 
 
Figure A.3
Based on the yield, ൫ܦ௬, ܣ௬൯, and ultimate points, ሺܦ௨, ܣ௨ሻ, the elliptic curve segment 
defining the transition region between these two points can be described, using the 
notation by Cao and Petersen (2006), with the following equation. 
7. Parameters of the elliptic curve segment 
 
2 2
1d u a xS D S A
C B
− −⎛ ⎞ ⎛ ⎞+ =⎜ ⎟ ⎜ ⎟⎝ ⎠ ⎝ ⎠  (A.1) 
where  ܵௗ and  ܵ௔ are the spectral displacement and spectral acceleration respectively and 
the parameters  ܣ௫, ܤ and  ܥ are shown in Figure A.37. In order to define the ellipse 
completely the latter three parameters need to be determined. Two equations can be 
written using the yield and ultimate points (ellipse should pass through these points) and 
the third equation is obtained by the compatibility of slope at the yield point (for smooth 
transaction between the linear segment and the elliptic curve): 
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 The three equations can be solved for the three unknowns  ܣ௫, ܤ and ܥ allowing the 
complete definition of Eq. (A.1). 
The parameters of the yield and ultimate points, i.e.  ܦ௬,  ܣ௬, ܦ௨ and  ܣ௨ as well as those 
of the elliptic curve, i.e. ܣ௫, ܤ, ܥ are provided in the below tables for the for seismic 
design levels of pre-, low, moderate, and high code. Limit state threshold values are also 
included in the same tables. 
It is important to note that the modal height values given in the below tables are 
calculated by multiplying building height, given in Table 3.1, by the parameter “fraction 
of building height at location of pushover-mode displacement” defined in HAZUS 
(HAZUS Technical Manual Chapter 5 - National Institute of Building Sciences, 2003). 
The zeros in Table A.23 and Table A.24 are due to those building types being not 
permitted by the current seismic design codes. 
Table A.21. Limit state threshold values and parameters of the capacity diagrams, pre-code 
seismic design level (B. T.: Building Type; M.H.: Modal Height in inches; S: Slight; M: 
Moderate; E: Extensive; C: Complete are in terms of roof drift; ܦ௬, ܦ௨, ܤ and ܥ are in inches; 
ܣ௬, ܣ௨ and ܣ௫ are in g’s) 
Pre-Code Seismic Design Level 
C
ࡰ࢟ 
  Dmg. Stat. Thrsh. Val. ap iag. ram. D
࡭࢟ 
 Pa . 
࡭࢛ 
Ellip. Cur. Param.
࡭࢞ ࡮ ࡯ ࡰ࢛ B. T. M. H. S M E C 
W1 126 0.0032 0.0079 0.0245 0.0600 0.24 0.20 4.32 0.60 0.14 0.46 4.12
W2 216 0.0032 0.0079 0.0245 0.0600 0.16 0.10 2.35 0.25 0.08 0.17 2.21
S1L 216 0.0048 0.0076 0.0162 0.0400 0.15 0.06 2.75 0.19 0.04 0.14 2.62
S1M 540 0.0032 0.0051 0.0108 0.0267 0.44 0.04 5.33 0.12 0.02 0.10 5.01
S1H 1123 0.0024 0.0038 0.0081 0.0200 1.16 0.02 10.48 0.07 0.00 0.07 9.88
S2L 216 0.0040 0.0064 0.0160 0.0400 0.16 0.10 1.88 0.20 0.09 0.11 1.73
S2M 540 0.0027 0.0043 0.0107 0.0267 0.61 0.08 4.85 0.17 0.07 0.10 4.30
S2H 1123 0.0020 0.0032 0.0080 0.0200 1.94 0.06 11.62 0.13 0.04 0.09 9.99
S3 135 0.0032 0.0051 0.0128 0.0350 0.16 0.10 1.88 0.20 0.09 0.11 1.73
S4L 216 0.0032 0.0051 0.0128 0.0350 0.10 0.08 1.30 0.18 0.07 0.11 1.21
S4M 540 0.0021 0.0034 0.0086 0.0233 0.27 0.07 2.46 0.15 0.05 0.10 2.22
S4H 1123 0.0016 0.0026 0.0064 0.0175 0.87 0.05 5.88 0.11 0.03 0.09 5.22
S5L 216 0.0024 0.0048 0.0120 0.0280 0.12 0.10 1.20 0.20 0.09 0.11 1.09
S5M 540 0.0016 0.0032 0.0080 0.0187 0.34 0.08 2.27 0.17 0.06 0.11 1.97
S5H 1123 0.0012 0.0024 0.0060 0.0140 1.09 0.06 5.45 0.13 0.03 0.09 4.63
C1L 180 0.0040 0.0064 0.0160 0.0400 0.10 0.06 1.76 0.19 0.04 0.14 1.68
C1M 450 0.0027 0.0043 0.0107 0.0267 0.29 0.05 3.46 0.16 0.02 0.13 3.25
C1H 864 0.0020 0.0032 0.0080 0.0200 0.50 0.02 4.52 0.07 0.00 0.07 4.26
129 
 130 
Table A.21. (Continued) 
Pre-Code Seismic Design Level 
  Dmg. Stat. Thrsh. Val. C
ࡰ࢟ 
ap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
C2L 180 0.0032 0.0061 0.0158 0.0400 0.12 0.10 1.80 0.25 0.08 0.17 1.69
C2M 450 0.0021 0.0041 0.0105 0.0267 0.26 0.08 2.60 0.21 0.05 0.16 2.39
C2H 864 0.0016 0.0031 0.0079 0.0200 0.74 0.06 5.51 0.16 0.02 0.14 5.01
C3L 180 0.0024 0.0048 0.0120 0.0280 0.12 0.10 1.35 0.23 0.08 0.15 1.24
C3M 450 0.0016 0.0032 0.0080 0.0187 0.26 0.08 1.95 0.19 0.05 0.14 1.74
C3H 864 0.0012 0.0024 0.0060 0.0140 0.74 0.06 4.13 0.14 0.02 0.13 3.66
PC1 135 0.0032 0.0051 0.0128 0.0350 0.18 0.15 2.16 0.30 0.13 0.17 1.99
PC2L 180 0.0032 0.0051 0.0128 0.0350 0.12 0.10 1.44 0.20 0.09 0.11 1.33
PC2M 450 0.0021 0.0034 0.0086 0.0233 0.26 0.08 2.08 0.17 0.07 0.10 1.85
PC2H 864 0.0016 0.0026 0.0064 0.0175 0.74 0.06 4.41 0.13 0.04 0.08 3.79
RM1L 180 0.0032 0.0051 0.0128 0.0350 0.16 0.13 1.92 0.27 0.12 0.15 1.77
RM1M 450 0.0021 0.0034 0.0086 0.0233 0.35 0.11 2.77 0.22 0.09 0.13 2.46
RM2L 180 0.0032 0.0051 0.0128 0.0350 0.16 0.13 1.92 0.27 0.12 0.15 1.77
RM2M 450 0.0021 0.0034 0.0086 0.0233 0.35 0.11 2.77 0.22 0.09 0.13 2.46
RM2H 864 0.0016 0.0026 0.0064 0.0175 0.98 0.09 5.88 0.17 0.06 0.11 5.06
URML 135 0.0024 0.0048 0.0120 0.0280 0.24 0.20 2.40 0.40 0.17 0.23 2.18
URMM 315 0.0016 0.0032 0.0080 0.0187 0.27 0.11 1.81 0.22 0.08 0.14 1.57
MH 120 0.0032 0.0064 0.0192 0.0560 0.18 0.15 2.16 0.30 0.13 0.17 1.99
Table A.22. Limit state threshold values and parameters of the capacity diagrams, low code 
seismic design level (B. T.: Building Type; M.H.: Modal Height in inches; S: Slight; M: 
Moderate; E: Extensive; C: Complete are in terms of roof drift; ܦ௬, ܦ௨, ܤ and ܥ are in inches; 
ܣ௬, ܣ௨ and ܣ௫ are in g’s) 
Low Code Seismic Design Level 
  Dmg. Stat. Thrsh. Val. C
ࡰ࢟ 
ap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
W1 126 0.0040 0.0099 0.0306 0.0750 0.24 0.20 4.32 0.60 0.14 0.46 4.12
W2 216 0.0040 0.0099 0.0306 0.0750 0.16 0.10 2.35 0.25 0.08 0.17 2.21
S1L 216 0.0060 0.0096 0.0203 0.0500 0.15 0.06 2.29 0.19 0.04 0.15 2.17
S1M 540 0.0040 0.0064 0.0135 0.0333 0.44 0.04 4.44 0.12 0.01 0.11 4.17
S1H 1123 0.0030 0.0048 0.0101 0.0250 1.16 0.02 8.73 0.07 -0.01 0.09 8.45
S2L 216 0.0050 0.0080 0.0200 0.0500 0.16 0.10 1.57 0.20 0.09 0.11 1.42
S2M 540 0.0033 0.0053 0.0133 0.0333 0.61 0.08 4.04 0.17 0.06 0.11 3.52
S2H 1123 0.0025 0.0040 0.0100 0.0250 1.94 0.06 9.68 0.13 0.03 0.10 8.21
S3 135 0.0040 0.0064 0.0161 0.0438 0.16 0.10 1.57 0.20 0.09 0.11 1.42
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Table A.22. (Continued) 
Low Code Seismic Design Level 
  Dmg. Stat. Thrsh. Val. Cap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡰ࢟ ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
S4L 216 0.0040 0.0064 0.0161 0.0438 0.10 0.08 1.08 0.18 0.06 0.12 0.99
S4M 540 0.0027 0.0043 0.0107 0.0292 0.27 0.07 2.05 0.15 0.04 0.11 1.83
S4H 1123 0.0020 0.0032 0.0080 0.0219 0.87 0.05 4.90 0.11 0.01 0.10 4.34
S5L 216 0.0030 0.0060 0.0150 0.0350 0.12 0.10 1.20 0.20 0.09 0.11 1.09
S5M 540 0.0020 0.0040 0.0100 0.0233 0.34 0.08 2.27 0.17 0.06 0.11 1.97
S5H 1123 0.0015 0.0030 0.0075 0.0175 1.09 0.06 5.45 0.13 0.03 0.09 4.63
C1L 180 0.0050 0.0080 0.0200 0.0500 0.10 0.06 1.47 0.19 0.04 0.15 1.39
C1M 450 0.0033 0.0053 0.0133 0.0333 0.29 0.05 2.88 0.16 0.01 0.15 2.70
C1H 864 0.0025 0.0040 0.0100 0.0250 0.50 0.02 3.77 0.07 -0.01 0.09 3.65
C2L 180 0.0040 0.0076 0.0197 0.0500 0.12 0.10 1.50 0.25 0.07 0.18 1.40
C2M 450 0.0027 0.0051 0.0132 0.0333 0.26 0.08 2.16 0.21 0.04 0.17 1.97
C2H 864 0.0020 0.0038 0.0099 0.0250 0.74 0.06 4.59 0.16 0.00 0.16 4.21
C3L 180 0.0030 0.0060 0.0150 0.0350 0.12 0.10 1.35 0.23 0.08 0.15 1.24
C3M 450 0.0020 0.0040 0.0100 0.0233 0.26 0.08 1.95 0.19 0.05 0.14 1.74
C3H 864 0.0015 0.0030 0.0075 0.0175 0.74 0.06 4.13 0.14 0.02 0.13 3.66
PC1 135 0.0040 0.0064 0.0161 0.0438 0.18 0.15 1.80 0.30 0.13 0.17 1.63
PC2L 180 0.0040 0.0064 0.0161 0.0438 0.12 0.10 1.20 0.20 0.09 0.11 1.09
PC2M 450 0.0027 0.0043 0.0107 0.0292 0.26 0.08 1.73 0.17 0.06 0.11 1.51
PC2H 864 0.0020 0.0032 0.0080 0.0219 0.74 0.06 3.67 0.13 0.03 0.10 3.11
RM1L 180 0.0040 0.0064 0.0161 0.0438 0.16 0.13 1.60 0.27 0.11 0.15 1.45
RM1M 450 0.0027 0.0043 0.0107 0.0292 0.35 0.11 2.31 0.22 0.08 0.14 2.01
RM2L 180 0.0040 0.0064 0.0161 0.0438 0.16 0.13 1.60 0.27 0.11 0.15 1.45
RM2M 450 0.0027 0.0043 0.0107 0.0292 0.35 0.11 2.31 0.22 0.08 0.14 2.01
RM2H 864 0.0020 0.0032 0.0080 0.0219 0.98 0.09 4.90 0.17 0.04 0.13 4.16
URML 135 0.0030 0.0060 0.0150 0.0350 0.24 0.20 2.40 0.40 0.17 0.23 2.18
URMM 315 0.0020 0.0040 0.0100 0.0233 0.27 0.11 1.81 0.22 0.08 0.14 1.57
MH 120 0.0040 0.0080 0.0240 0.0700 0.18 0.15 2.16 0.30 0.13 0.17 1.99
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Table A.23. Limit state threshold values and parameters of the capacity diagrams, moderate code 
seismic design level (B. T.: Building Type; M.H.: Modal Height in inches; S: Slight; M: 
Moderate; E: Extensive; C: Complete are in terms of roof drift; ܦ௬, ܦ௨, ܤ and ܥ are in inches; 
ܣ௬, ܣ௨ and ܣ௫ are in g’s) 
Moderate Code Seismic esig  Level  D n
  Dmg. Stat. Thrsh. Val. C
ࡰ࢟ 
ap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
W1 126 0.0040 0.0099 0.0306 0.0750 0.36 0.30 6.48 0.90 0.21 0.69 6.17
W2 216 0.0040 0.0099 0.0306 0.0750 0.31 0.20 4.70 0.50 0.16 0.34 4.42
S1L 216 0.0060 0.0104 0.0235 0.0600 0.31 0.13 5.50 0.38 0.09 0.29 5.24
S1M 540 0.0040 0.0069 0.0157 0.0400 0.89 0.08 10.65 0.23 0.03 0.20 10.01
S1H 1123 0.0030 0.0052 0.0118 0.0300 2.33 0.05 20.96 0.15 0.00 0.15 19.77
S2L 216 0.0050 0.0087 0.0233 0.0600 0.31 0.20 3.76 0.40 0.18 0.22 3.46
S2M 540 0.0033 0.0058 0.0156 0.0400 1.21 0.17 9.70 0.33 0.13 0.20 8.61
S2H 1123 0.0025 0.0043 0.0117 0.0300 3.87 0.13 23.24 0.25 0.08 0.17 19.99
S3 135 0.0040 0.0070 0.0187 0.0525 0.31 0.20 3.76 0.40 0.18 0.22 3.46
S4L 216 0.0040 0.0069 0.0187 0.0525 0.19 0.16 2.59 0.36 0.13 0.23 2.41
S4M 540 0.0027 0.0046 0.0125 0.0350 0.55 0.13 4.91 0.30 0.09 0.21 4.44
S4H 1123 0.0020 0.0035 0.0093 0.0262 1.74 0.10 11.76 0.23 0.05 0.17 10.43
S5L 216 0 0 0 0 0 0 0 0 0 0 0 
S5M 540 0 0 0 0 0 0 0 0 0 0 0 
S5H 1123 0 0 0 0 0 0 0 0 0 0 0 
C1L 180 0.0050 0.0087 0.0233 0.0600 0.20 0.13 3.52 0.38 0.09 0.29 3.35
C1M 450 0.0033 0.0058 0.0156 0.0400 0.58 0.10 6.91 0.31 0.04 0.27 6.50
C1H 864 0.0025 0.0043 0.0117 0.0300 1.01 0.05 9.05 0.15 0.00 0.15 8.54
C2L 180 0.0040 0.0084 0.0232 0.0600 0.24 0.20 3.60 0.50 0.16 0.34 3.38
C2M 450 0.0027 0.0056 0.0154 0.0400 0.52 0.17 5.19 0.42 0.11 0.31 4.77
C2H 864 0.0020 0.0042 0.0116 0.0300 1.47 0.13 11.02 0.32 0.04 0.27 10.01
C3L 180 0 0 0 0 0 0 0 0 0 0 0 
C3M 450 0 0 0 0 0 0 0 0 0 0 0 
C3H 864 0 0 0 0 0 0 0 0 0 0 0 
PC1 135 0.0040 0.0070 0.0187 0.0525 0.36 0.30 4.32 0.60 0.27 0.33 3.98
PC2L 180 0.0040 0.0069 0.0187 0.0525 0.24 0.20 2.88 0.40 0.18 0.22 2.65
PC2M 450 0.0027 0.0046 0.0125 0.0350 0.52 0.17 4.15 0.33 0.13 0.20 3.69
PC2H 864 0.0020 0.0035 0.0094 0.0263 1.47 0.13 8.82 0.25 0.08 0.17 7.59
RM1L 180 0.0040 0.0069 0.0187 0.0525 0.32 0.27 3.84 0.53 0.24 0.30 3.54
RM1M 450 0.0027 0.0046 0.0125 0.0350 0.69 0.22 5.54 0.44 0.18 0.27 4.92
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Table A.23. (Continued) 
Moderate Code Seismic Design Level 
  Dmg. Stat. Thrsh. Val. C
ࡰ࢟ 
ap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
RM2L 180 0.0040 0.0069 0.0187 0.0525 0.32 0.27 3.84 0.53 0.24 0.30 3.54
RM2M 450 0.0027 0.0046 0.0125 0.0350 0.69 0.22 5.54 0.44 0.18 0.27 4.92
RM2H 864 0.0020 0.0035 0.0094 0.0263 1.96 0.17 11.76 0.34 0.11 0.23 10.12
URML 135 0 0 0 0 0 0 0 0 0 0 0 
URMM 315 0 0 0 0 0 0 0 0 0 0 0 
MH 120 0.0040 0.0080 0.0240 0.0700 0.18 0.15 2.16 0.30 0.13 0.17 1.99
Table A.24. Limit state threshold values and parameters of the capacity diagrams, high code 
seismic design level (B. T.: Building Type; M.H.: Modal Height in inches; S: Slight; M: 
Moderate; E: Extensive; C: Complete are in terms of roof drift; ܦ௬, ܦ௨, ܤ and ܥ are in inches; 
ܣ௬, ܣ௨ and ܣ௫ are in g’s) 
Moderate Code Seismic esig  Level  D n
  Dmg. Stat. Thrsh. Val. C
ࡰ࢟ 
ap iag. ram. D  Pa . Ellip. Cur. Param.
B. T. M. H. S M E C ࡭࢟ ࡰ࢛ ࡭࢛ ࡭࢞ ࡮ ࡯ 
W1 126 0.0040 0.0120 0.0400 0.1000 0.48 0.40 11.51 1.20 0.32 0.88 11.08
W2 216 0.0040 0.0120 0.0400 0.1000 0.63 0.40 12.53 1.00 0.34 0.66 11.95
S1L 216 0.0060 0.0120 0.0300 0.0800 0.61 0.25 14.67 0.75 0.20 0.55 14.12
S1M 540 0.0040 0.0080 0.0200 0.0533 1.78 0.16 28.40 0.47 0.10 0.37 26.94
S1H 1123 0.0030 0.0060 0.0150 0.0400 4.66 0.10 55.88 0.29 0.04 0.25 52.53
S2L 216 0.0050 0.0100 0.0300 0.0800 0.63 0.40 10.02 0.80 0.37 0.43 9.42
S2M 540 0.0033 0.0067 0.0200 0.0533 2.43 0.33 25.88 0.67 0.29 0.38 23.62
S2H 1123 0.0025 0.0050 0.0150 0.0400 7.75 0.25 61.97 0.51 0.20 0.31 54.95
S3 135 0.0040 0.0080 0.0240 0.0700 0.63 0.40 10.02 0.80 0.37 0.43 9.42
S4L 216 0.0040 0.0080 0.0240 0.0700 0.38 0.32 6.91 0.72 0.29 0.43 6.55
S4M 540 0.0027 0.0053 0.0160 0.0467 1.09 0.27 13.10 0.60 0.22 0.38 12.10
S4H 1123 0.0020 0.0040 0.0120 0.0350 3.49 0.20 31.37 0.46 0.15 0.31 28.38
S5L 216 0 0 0 0 0 0 0 0 0 0 0 
S5M 540 0 0 0 0 0 0 0 0 0 0 0 
S5H 1123 0 0 0 0 0 0 0 0 0 0 0 
C1L 180 0.0050 0.0100 0.0300 0.0800 0.39 0.25 9.39 0.75 0.20 0.55 9.04
C1M 450 0.0033 0.0067 0.0200 0.0533 1.15 0.21 18.44 0.62 0.13 0.49 17.50
C1H 864 0.0025 0.0050 0.0150 0.0400 2.01 0.10 24.13 0.29 0.04 0.25 22.69
C2L 180 0.0040 0.0100 0.0300 0.0800 0.48 0.40 9.59 1.00 0.34 0.66 9.14
C2M 450 0.0027 0.0067 0.0200 0.0533 1.04 0.33 13.84 0.83 0.25 0.58 12.94
C2H 864 0.0020 0.0050 0.0150 0.0400 2.94 0.25 29.39 0.64 0.16 0.48 26.99
 
 Table A.24. (Continued) 
Moderate Code Seismic Design Level 
C
ࡰ࢟ 
  Dmg. Stat. Thrsh. Val. ap iag. ram. D
࡭࢟ 
 Pa
ࡰ࢛ 
. 
࡭࢛ 
Ellip. Cur. Param.
࡭࢞ ࡮ ࡯ B. T. M. H. S M E C 
C3L 180 0 0 0 0 0 0 0 0 0 0 0 
C3M 450 0 0 0 0 0 0 0 0 0 0 0 
C3H 864 0 0 0 0 0 0 0 0 0 0 0 
PC1 135 0.0040 0.0080 0.0240 0.0700 0.72 0.60 11.51 1.20 0.55 0.65 10.82
PC2L 180 0.0040 0.0080 0.0240 0.0700 0.48 0.40 7.67 0.80 0.37 0.43 7.21
PC2M 450 0.0027 0.0053 0.0160 0.0467 1.04 0.33 11.07 0.67 0.29 0.38 10.11
PC2H 864 0.0020 0.0040 0.0120 0.0350 2.94 0.25 23.52 0.51 0.20 0.31 20.86
RM1L 180 0.0040 0.0080 0.0240 0.0700 0.64 0.53 10.23 1.07 0.49 0.57 9.61
RM1M 450 0.0027 0.0053 0.0160 0.0467 1.38 0.44 14.76 0.89 0.39 0.50 13.48
RM2L 180 0.0040 0.0080 0.0240 0.0700 0.64 0.53 10.23 1.07 0.49 0.57 9.61
RM2M 450 0.0027 0.0053 0.0160 0.0467 1.38 0.44 14.76 0.89 0.39 0.50 13.48
RM2H 864 0.0020 0.0040 0.0120 0.0350 3.92 0.34 31.35 0.68 0.27 0.41 27.80
URML 135 0 0 0 0 0 0 0 0 0 0 0 
URMM 315 0 0 0 0 0 0 0 0 0 0 0 
MH 120 0.0040 0.0080 0.0240 0.0700 0.18 0.15 2.16 0.30 0.13 0.17 1.99
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 A.2. EARTHQUAKE DEMAND 
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Figure A.38. Ten acceleration time histories for lowlands soil profile, 975 years return period 
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Figure A.39. Ten acceleration time histories for uplands soil profile, 975 years return period 
Equation Chapter  2 Section 1 
 
 APPENDIX B 
B.1. METHODOLOGY FOR STRUCTURAL ASSESSMENT 
B.1.1. Review of the Available Variants of the Capacity Spectrum Method 
Elasto-Plastic Representation Based on Equal Energy Principle: 
 
Figure B.1. Elasto-plastic representation of the capacity diagram required in using CSM with 
inelastic design spectra 
The following elasto-plastic representation (with reference to Figure B.1) can be used 
during the assessment of woodframe structure as a test case using the version of CSM 
described in section 4.1.1.2: 
Determine the ultimate point allowable for the deformation of the structure. In this study 
it is taken as the acceleration value equal to 90% of the maximum acceleration value of 
the capacity diagram. 
Draw a horizontal line, crossing the descending branch of the capacity diagram such that 
the area under the horizontal curve from the point of first intersection with the capacity 
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 curve to the ultimate point is equal to the area under the actual capacity curve between 
the same points. 
Extend the horizontal line and draw another line from the origin, such that when the two 
straight lines intersect, the sum of the areas under the drawn inclined horizontal line and 
the area under the horizontal line from the intersection point of the two straight lines to 
the first intersection point of the horizontal line with the actual capacity diagram is equal 
to area under the actual capacity diagram between origin and the latter point. 
Figure B.1The straight lines shown in  are obtained, which give the elasto-plastic 
representation of the capacity diagram. 
Bilinear Representations Based on Equal Energy Principle: 
 
Figure B.2. Bilinear representations based on equal energy principle 
To start with, the point on which the bilinear representation will be based should be 
determined, i.e. ܦ௨, ܣ௨ in Figure B.2. Then following the below steps, the parameters of 
the bilinear representation, i.e. ܦ௬, ܣ௬ and ߙ, can be determined (note that equal energy 
principle is adopted and AD format is used for illustration purposes). 
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 i. Draw a line from the origin at the initial stiffness value of the building. 
ii. Draw a second line from the trial performance point such that when it intersects 
with the first line, at the point ܦ௬, ܣ௬ the shaded areas shown in the Figure B.2 
figure are equal. 
The points, ܦ௬, ܣ௬ and ܦ௨, ܣ௨ define the bilinear representation of the curve. The slope, 
ߙ, of the post yield line ߙ, can be obtained using the following relation: 
u
u y
yA A
D D
α −= −  (B.1) 
Demand Diagram from Peak Ground Motion Parameters: 
A tri-partite plot is utilized for the construction of elastic design spectrum according to 
Newmark and Hall (1982). A 50th percentile or an 84.1th percentile spectrum can be 
obtained using this procedure. Explanations below refer to Figure B.3; Chopra’s 
description (2000) provides the basis for what follows.  
i. The three dashed lines corresponding to peak values of ground acceleration, ݑሷ௚௢, 
velocity, ݑሶ௚௢, and displacement, ݑ௚௢, are plotted for design ground motion. 
ii. According to damping factor, amplification factors are determined using the 
uations given in eq
iii. ݑሷ௚௢ is multiplied with the amplification factor ߙ஺ to obtain the straight line b-c 
presenting the constant value of pseudo-acceleration, ܵ௔. 
Table B.1. 
re
iv. ݑሶ௚௢ is multiplied with the amplification factor ߙ௏ to obtain the straight line c-d 
presenting a constant value of pseudo-velocity ܵ௩. re , 
v. ݑ௚௢ is multiplied with the amplification factor ߙ஽ to obtain the straight line e-d 
representing a constant value of deformation, ܵௗ. 
vi. For periods shorter than 1/33 sec, ௔ܶ, velocity is equal to the line represented by 
ݑሷ௚௢ and for periods longer than 33 sec, ௙ܶ, velocity is equal to the line 
represented by ݑ௚௢. 
vii. Straight lines are plotted for transitions from ௔ܶ to ௕ܶ and ௘ܶ to ௙ܶ. 
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 viii. Once the pseudo-velocity spectrum is obtained, pseudo-acceleration and 
deformation spectrum can be obtained using the relations given in Eq. (B.2), 
where ߱௡ is the natural frequency of the SDOF system and related to elastic 
period by Eq. (B.3). 
 
a
v n
n
S Sωω = = d
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  (B.2) 
2
n
eT
πω =  (B.3) 
 
Figure B.3. Newmark and Hall (1982) elastic design spectrum, reproduced from Chopra (2000) 
Table B.1. Amplification factors: elastic design spectra, Newmark and Hall (1982) 
 Median (50th percentile) One Sigma (84.1th percentile) 
ࢻ࡭ 3.21 0.68 lnζ−  4.38 1.04 lnζ−  
ࢻࢂ 2.31 0.41 lnζ−  3.38 0.67 lnζ−  
ࢻࡰ 1.82 0.27 ln ζ−  2.73 0.45 ln ζ−  
If the pseudo-acceleration is plotted against deformation, the demand diagram is obtained 
in AD format (Figure B.4). 
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Figure B.4. Demand diagram in (Left): Standard format; (Right): Acceleration-Displacement 
Format 
B.1.1.1. CSM in ATC-40 
The capacity and demand diagrams are superimposed and the intersection point gives the 
estimate for the performance point (displacement demand). The criteria giving the actual 
performance point is the agreement between the viscous damping of the demand diagram 
and the equivalent viscous damping of the structure obtained from the intersection point 
(Figure B.5). Iterations start with 5 percent damped elastic spectrum. If the structure acts 
within the elastic range the demand diagram should intersect the capacity diagram at a 
deformation level less than the yield deformation. If this is not true, it indicates that the 
structure will deform beyond its elastic limits. Hence the elastic demand diagram should 
be reduced so as to incorporate the inelastic energy dissipation of the structure. 
Effective viscous damping associated with the capacity diagram is obtained from an 
equivalent linear system described by the bilinear representation of the capacity diagram 
at the trial performance point. The inherent assumption is that the hysteretic energy 
dissipated due to the inelastic deformation of the structure can be represented as 
equivalent viscous damping. Hence, the intersection point of capacity and demand 
diagrams is used to develop the equivalent linear system based on secant stiffness 
(Jennings, 1968). 
When the force deformation relationship of the SDOF system is represented as a bilinear 
system with elastic stiffness ݇௘ and yielding branch stiffness of ߙ݇௘ (Figure B.6), the 
natural vibration period of the equivalent linear system, ௘ܶ௤, with secant stiffness ݇௦௘௖, is 
given by: 
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 1eq n
T T μαμ α= + −  (B.4) 
 
Figure B.5. Plot demand and capacity diagrams to determine the displacement demand 
 
Figure B.6. (Left): Equivalent SDOF system based on secant stiffness; (Right): Equivalent 
viscous damping due to hysteretic energy dissipation 
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 The ductility factor ߤ is determined by the performance point, indicated by deformation 
ݑ௠, and the yield point of the structure, shown as ൫ݑ௬, ௬݂൯ in Figure B.6, as: 
m
y
u
u
μ =  (B.5) 
Equivalent viscous damping here is calculated by equating the energy dissipated in a 
vibration cycle of the inelastic system and of the equivalent linear system (Chopra, 2000 - 
Section 3.9). 
1
4
D
eq
S
E
E
ζ π=  (B.6)  
The energy dissipated in the inelastic system, shown as ܧ஽ in above figure, is equal to the 
area enclosed by the hysteresis loop. The strain energy of the elastic system is given by 
Eq. (B.7). 
 
2
sec 2
m
S
uE k=  (B.7) 
Thus equivalent viscous damping ratio takes the form: 
( )( )
( )
1 12
1eq
μ αζ π μ αμ α
− −= + −  (B.8) 
The total (or effective) viscous damping of the equivalent linear system is obtained by 
adding the viscous damping ratio of the bilinear system acting within its elastic range, ߞ, 
to the equivalent viscous damping ratio obtained through Eq. (B.8). 
 eff eqζ ζ ζ= +  (B.9) 
ATC-40 introduces the damping modification factor, , in order to account for the effect 
of imperfect hysteresis loops, which are reduced in area when compared with the ones 
shown in Figure B.6 due to duration effects and poor structural ductility detailing. This 
term is calculated using the appropriate equation from Table B.2. Structural behavior 
types definitions are given in Table B.3. With this term included, the effective viscous 
damping ratio is given by: 
143 
  eff eqζ ζ= +κζ  (B.10) 
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Figure B.7. Relation between the equivalent viscous damping and damping modification factor 
Finally, the relation between the equivalent viscous damping and the damping 
modification factor is shown in Figure B.7. A maximum value of 45 percent is set for the 
value of allowable equivalent damping, ߞ௘௤. When multiplied with the appropriate 
damping modification factor from Table B.2, and added to 5 percent elastic damping, 40, 
30, and 20% of maximum allowable damping is obtained for Type A, B, and C 
structures, respectively. 
Table B.2. Equations used for calculating the damping modification factor, ߢ (Applied 
Technology Council, 1996) 
ࣀࢋࢗ (percent) ન 
Structural Behavior 
Type 
16.25≤ 1.0  
( )( )
( )
1 1
1.13 0.51
1
μ α
μ αμ α
− −− + −
Type A 
16.25>   
25≤ 0.67  
( )( )
( )
1 1
0.845 0.446
1
μ α
μ αμ α
− −− + −
Type B 
25>   
0.33Type C Any Value  
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 Table B.3. Structural behavior types (Applied Technology Council, 1996) 
Essentially New 
Building1 
Average Existing 
Building2 
Poor Existing 
Building3 Shaking Duration 
Short Type A Type B Type C 
Long Type B Type C Type C 
1 Buildings whose primary elements make up an essentially new lateral system and little 
strength or stiffness is contributed by non-complying elements. 
2 Buildings whose primary elements are combinations of existing and new elements, or 
better than average existing systems 
3 Buildings whose primary elements make up non-complying lateral force resistance 
systems with poor or unreliable behavior. 
Once the effective damping, ߞ௘௙௙, is known the necessary reduction factors for the 
demand diagram are calculated using the Newmark and Hall relations given in Table B.1. 
Iterations are continued until the difference between the effective damping calculated at 
the trial performance point from the capacity diagram and the damping associated with 
demand diagram are within a predefined tolerance. 
B.1.1.2. CSM with Inelastic Design Spectra 
Demand Reduction Factors from Newmark and Hall (1982): 
The demand reduction factor derived by Newmark and Hall is in the following form: 
( ) 2
1
2 1
2 1
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  (B.11) 
where: 
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T
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β
⎛ ⎞⎜ ⎟⎝= ⎛ ⎞⎜ ⎟⎝ ⎠
⎠  (B.12) 
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 The periods, ௔ܶ, ௕ܶ and ௖ܶ are defined in Figure B.3 and ܶ௖ᇲ is the period where the 
constant acceleration and constant velocity branches of the inelastic spectrum intersect. It 
can be obtained from Eq. (B.2) after appropriate reductions are made for these branches 
using the reduction factors calculated by Eq. (B.11). 
Demand Reduction Factors from Krawinkler and Nassar (1992): 
Table B.4. Constants for reduction factors from Krawinkler and Nassar (1992) 
ࢻ ࢇ ࢈ 
0.00 1.00 0.42 
0.02 1.00 0.37 
0.10 0.80 0.29 
The demand reduction factor as proposed by Krawinkler and Nassar is in the following 
form: 
( ) 11 1 cR cμ μ= − +⎡ ⎤⎣ ⎦  (B.13) 
where: 
( ),
1
n
n a
n n
T bc T
T T
α
a
= ++  (B.14) 
The constants ܽ and ܾ can be obtained using Table B.4, depending on ߙ, which defines 
the slope of the yielding branch. 
Demand Reduction Factors from Vidic et al. (1994): 
Vidic et al., propose the use of following reduction factor: 
( )
( )
0.95
0
0
0.95
0
1.35 1 1
1.35 1 1
n
n
n
T T T
TR
T T
μ
μ
μ
⎧ − + ≤⎪= ⎨⎪ − + >⎩
  (B.15) 
where: 
0.2
0 cT0 0.75 ,cT T Tμ= ≤  (B.16) 
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 Demand Reduction Factors from Miranda and Bertero (1994): 
The reduction factors developed by Miranda and Bertero are in the following form: 
1Rμ 1
μ −1= + ≥Φ  (B.17) 
where  is a function of ߤ, ௡ܶ and the soil conditions at the site, and is given by the 
equations provided in Table B.5: 
Table B.5. Φ as function of period, ductility and soil conditions 
( ) ( )
21 exp 1.5 ln 0.6
2 nn
T
T Tμ
1Φ = 1 + − − −10 − ⎡ ⎤⎣ ⎦  Rock Sites 
( ) ( )
22 exp 2 ln 0.2
2 5 nn
T
T Tμ
1Φ = 1 + − − −1 − ⎡ ⎤⎣ ⎦  Alluvium Sites 
2
3
exp 3 ln 0.25
3 4
g g n
n n g
T T T
T T T
Φ = 1 + − − −
⎡ ⎤⎛ ⎞⎢ ⎥⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦
 Soft Soil Sites* 
* ௚ܶ is the predominant period of the ground motion, defined as the period at which 
maximum relative velocity of the 5% damped linear elastic system is maximum 
throughout the whole period range 
Comparison of Different Demand Reduction Factors: 
If necessary, it is also possible to write the ductility factor, ߤ, in terms of the reduction 
factor, ܴఓ. However, since the latter is directly used for reducing the demand spectrum, it 
is not included here. It is also important to note that the reduction factor ܴఓ is not equal to 
response modification factor that can be found in some seismic codes, which include 
over-strength in addition to inelastic energy dissipation. 
In addition to the ones provided in this section, a good review of similar studies on 
demand reduction factors can be found in Miranda and Bertero (1994). 
In order to illustrate the differences between these three studies, reduction factors are 
plotted for different values of ductility (Figure B.8). In addition, as an example, an elastic 
design spectrum of a ground motion with the parameters ܲܩܣ ൌ 1 ݃, ܲܩܸ ൌ 48 ݅݊/ݏ݁ܿ, 
and ܲܩܦ ൌ 36 ݅݊, for a mean earthquake is reduced using the four different reduction 
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 factors described above for a ductility ratio of ߤ ൌ 4. The results are shown in Figure B.9 
together with the spectrum predicted by ATC-40 according to the effective damping ratio 
obtained from the ductility factor. 
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Figure B.8. Comparison of reduction factors from different studies; NH: Newmark and Hall 
(1982); KN: Krawinkler and Nassar (1992); VFF: Vidic et al. (1994); MB: Miranda and Bertero 
(1994) 
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Figure B.9. Inelastic design spectra calculated using different demand reduction factors; NH: 
Newmark and Hall (1982); KN: Krawinkler and Nassar (1992); VFF: Vidic et al. (1994); MB: 
Miranda and Bertero (1994); ATC-40 (Applied Technology Council, 1996) 
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 As can be observed from Figure B.9, there is a significant discrepancy between the 
inelastic design spectra obtained using the ATC-40 procedure with effective damping and 
from other studies. Other studies proved to be more accurate. 
B.1.1.3. CSM with Equivalent Elastic Spectra from Damping Models 
In addition to the ductility damping relationship given in ATC-40, Eq. (B.8), other 
ductility damping relationships are provided in this section, namely those by Iwan and 
Gates (1979), Priestley et al. (1996), WJE (1996), and Kowalsky et al. (1994b). 
Iwan and Gates (1979) – According to Average Stiffness and Energy (ASE) Method: 
Among many other methods considered by Iwan and Gates (1979), average stiffness and 
energy is found to give the least overall error. Therefore the ductility damping 
relationship from this method is presented here. 
The effective damping ratio is given by: 
( )( ) ( )
( )( )
2 3
2
1 22 1
3 33
2 1 1 lneff
α μ πζ α μ α
ζ πμ α μ αμ
2 μ⎡ ⎤⎛ ⎞− −1 + 1− − +⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦= − + +  (B.18) 
Priestley et al. (1996): 
This damping model is based on the Takeda hysteresis model (Takeda et al., 1970). 
The effective damping ratio is given by: 
11 neff
αζ ζ μπ μ α
⎡ ⎤⎛ ⎞1 −= + − +⎢ ⎥⎜⎝ ⎠ ⎟  (B.19) ⎣ ⎦
where the stiffness degradation factor, ݊, is suggested as zero for steel structures and 0.5 
for reinforced concrete structures. 
WJE (1996): 
The WJE (1996) damping model is based on the maximum displacement determined 
from the elastic response spectrum being equal to that obtained from inelastic response 
spectrum. 
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 Table B.6 gives the effective damping ratio depending on the ductility ratio. The study 
covers ductility ratios up to 4. 
Table B.6. Effective damping ratio based on WJE damping model (WJE, 1996) 
ࣆ 
ࣀࢋࢌࢌ (%) 
1.0 1.25 1.5 2.0 3.0 4.0 
5 7.5 10 14 21 26 (Based on Median + 1 
Standard-Deviation Spectrum) 
ࣀࢋࢌࢌ (%) 5 8.5 12 16 26 35 
(Based on Median Spectrum) 
Kowalsky et al. (1994b): 
The damping model used by Kowalsky et al. (1994b) is based on the laboratory test 
results and curve fitting. 
The effective damping ratio is given by: 
0.39372effζ ζ μ
⎡ ⎤1= + 1−⎢ ⎥⎣ ⎦
  (B.20) 
B.1.1.4. Displacement Coefficient Method (DCM) 
Displacement coefficient method (FEMA 273 - Federal Emergency Management 
Agency, 1997), is similar to CSM, and the aim is to calculate the performance point 
(referred to as target displacement in FEMA 273) using a procedure that takes into 
account the effects of nonlinear response on displacement amplitude. Similar to use of 
inelastic design spectra in CSM, displacement demand is determined from inelastic 
displacement spectra which are obtained from the elastic displacement spectra by using a 
number of correction factors based on statistical analysis. 
The application of DCM is described below. 
i. Obtain the pushover curve: 
Guidelines to obtain the pushover curve of the structure are provided in FEMA 273, but 
results of any convenient pushover analysis can be used. 
ii. Determine the elastic period of the structure: 
The notation of FEMA 273 (1997) is followed here. 
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 First construct a bilinear representation of the pushover curve (with reference to Figure 
B.10): 
i. Draw the post-elastic stiffness, ܭௌ ൌ ߙܭ௘, by judgment to represent an average 
stiffness in the range in which the structure strength has leveled off. 
ii. Draw the effective stiffness, ܭ௘, by constructing a secant line passing through the 
point on the capacity curve corresponding to a base shear of 0.6 ௬ܸ, where ௬ܸ is 
defined by the intersection of the ܭ௘ and ܭௌ lines. 
Base Shear 
 
Figure B.10. Determination of the elastic period, reproduced from FEMA 273 (1997) 
Note that this procedure requires some trial and error since the value ௬ܸ is not known 
until the ܭ௘ line is drawn. 
Calculate the effective fundamental period, ௘ܶ௙௙, using the following equation: 
 ieff i
e
KT T
K
=  (B.21) 
yV
× y0.6 V
iK
eK
eKα
yδ tδ
Roof Displacement 
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 where, ௜ܶ is the elastic fundamental period (in seconds), ܭ௜ is the elastic lateral stiffness 
of the building, and ܭ௘ is the effective lateral stiffness of the building. 
iii. Calculate the Target Displacement: 
The target displacement of the structure, ߜ௧, can be calculated using Eq. (B.22). 
 
2
0 1 2 3 4
eff
t a
T
C C C C S gδ π 2=  (B.22) 
w
ܥ଴ is the modification factor to relate the spectral displacement and the likely building 
roof displacement. The modal participation (or transformation) factor given by Eq. 
here: 
(3.10) 
can be used for this purpose, or alternatively the table below provided in FEMA 273 can 
be used. 
Table B.7. Values for modification factor ܥ0 (Federal Emergency Management Agency, 1997) 
Modification Factor* Number of Stories 
1 1.0 
2 1.2 
3 1.3 
5 1.4 
10+ 1.5 
* 
ܥଵ is the modification factor to relate the expected maximum inelastic displacements to 
displacements calculated for linear elastic response. This factor has the same effect as 
reductions given by Equations 
Linear interpolation shall be used to calculate the intermediate values 
(B.11), (B.13), (B.15), and (B.15). ܥଵ can be calculated 
using the Eq. (B.23). ܥଵ cannot exceed 1.5 for ௘ܶ௙௙ ൏ 0.1, and cannot be taken as less 
than 1.0 in any case. 
( )
0
01
0
1.0
1 1
e
eff
e
T T
TC R T
T T
R
≥⎧⎪⎪ ⎡ ⎤= ⎨ + −⎢ ⎥⎣ ⎦⎪ <⎪⎩
  (B.23) 
where, ଴ܶ is the characteristic period of the spectrum, defined as the period associated 
with the transition from the constant acceleration segment of the spectrum to the constant 
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 velocity segment, equivalent to ௖ܶ in section B.1.1. ܴ is the ratio of inelastic strength 
demand to the calculated yield strength coefficient and is given by the Eq. (B.24). 
0
1a
y
R V C
W
= S  (B.24) 
where, ܵ௔ is the response spectrum acceleration at the effective fundamental period of the 
ilding and ܹ is the total dead and anticipated live load of the building. bu
ܥଶ is the modification factor to represent the effect of hysteresis shape on the maximum 
displacement response. It takes into account the increase in displacement demand if 
hysteresis loops exhibit considerable pinching, the same effect as  in ATC-40 
formulation (Table B.2). Values of ܥଶ for different framing systems and performance 
levels are listed in Table B.8. 
Table B.8. Values f r the ication factor ܥ2 o  modif
ࢀࢋࢌࢌ ൌ ૙. ૚ ࢀࢋࢌࢌ ൒ ࢀ૙  
Framing 
Type 1* 
Framing 
Type 2** 
Framing 
Type 1* 
Framing 
Type 2** Structural Performance Level 
Immediate Occupancy 1.0 1.0 1.0 1.0 
Life Safety 1.3 1.0 1.1 1.0 
Collapse Prevention 1.5 1.0 1.2 1.0 
* Structures in which more than 30% of the shear at any level is resisted by components or 
elements whose strength and stiffness may deteriorate during the design earthquake. Such 
elements include: ordinary moment-resisting frames, concentrically-braced-frames, 
frames with partially restrained connections, tension-only braced frames, unreinforced 
masonry walls, shear-critical walls and piers, or any combination of the above. 
**
ܥଷ is the modification factor to represent increased displacements due to second-order 
effects. While moderate strain hardening does not have a significant influence on the 
displacement demand, strain softening can considerably increase this coefficient. 
Therefore for buildings with positive post-yield stiffness, ܥଷ shall be set equal to 1.0. For 
buildings with negative post-yield stiffness, ܥଷ shall be calculated using the Eq. 
 All frames not assigned to Framing Type 1. 
(B.25). 
( )3 2
3
1
1
eff
R
C
T
α −= +  (B.25)  
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 B.1.2. Results from Available Capacity Spectrum Methods 
B.1.2.1. CSM with Inelastic Design Spectra 
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Figure B.11. Results for CSM with inelastic design spectra for the cases (Left): Phase 9 under 
Rinaldi Park record; (Right): Phase 10 under Canoga Park record 
B.1.2.2. Displacement Coefficient Method 
Calculations regarding the evaluation of the example woodframe structure using the 
displacement coefficient method are provided in this section. 
The elasto-plastic representations, whose properties are given in Figure 4.6, developed 
for the purposes of CSM with inelastic design spectra, are also utilized for DCM. 
For Phase 9 and Phase 10 variations of the woodframe structure the effective 
fundamental period ௘ܶ is calculated in Eq. (B.26) and Eq. (B.27) respectively: 
0.9260.332 0.491 sec
0.424
i
eff i
e
KT T
K
= = =  (B.26) 
4.6380.149 0.238 sec
1.816
i
eff i
e
KT T
K
= = =  (B.27)  
From Table B.7, ܥ଴ is taken as 1.2 for the two story woodframe structure. 
From Figure 4.3 - (Left), ଴ܶ is obtained as 0.132 and 0.133 sec for Canoga and Rinaldi 
Park records, respectively. Since ௘ܶ௙௙ for both variations of the structure is greater than 
these values, ܥଵ is taken as one. 
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Phase 9 & 10 structures should be considered as Framing Type 2, therefore, from Table 
B.8, ܥଶ should be taken as one. 
For elasto-plastic representations of the capacity diagrams, from Eq. (B.25), ܥଷ is 
lculated as one. ca
ܵ௔ can be obtained from Figure 4.3 - (Left) as 1.44 and 2.39 g for both of the structures  
in the Canoga Park and Rinaldi Park records respectively. 
Finally, Table B.9 provides the results of calculating the displacement demand imposed 
on the variants of the woodframe structure from Eq. (B.22). 
Table B.9. Structural response predictions using Displacement Coefficient Method 
 Structural Response (in) 
Structural Variation Canoga Park Record Rinaldi Park Record 
Phase 9 4.076 6.764 
Phase 10 0.958 1.589 
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APPENDIX C 
C.1. HAZUS CAPACITY DIAGRAMS 
Limit state threshold values for HAZUS capacity diagrams are tabulated in this section. 
They are taken from HAZUS Technical Manual Chapter 5, Table 5.9a through Table 
5.9d. They are calculated by multiplying the modal height values with the drift ratios, 
which are provided in Table A.21 through Table A.24. 
Table C.1. Limit state threshold values for capacity diagrams based on HAZUS (B. T.: Building 
Type; S: Slight; M: Moderate; E: Extensive; C: Complete - in terms of spectral displacement) 
 Damage State Threshold Value (inches) 
 Pre-Code Low Code Moderate Code High Code 
B. T. S M E C S M E C S M E C S M E C 
W1 0.40 1.00 3.09 7.56 0.50 1.25 3.86 9.45 0.50 1.25 3.86 9.45 0.50 1.51 5.04 12.60
W2 0.69 1.71 5.29 12.96 0.86 2.14 6.62 16.20 0.86 2.14 6.62 16.20 0.86 2.59 8.64 21.60
S1L 1.04 1.65 3.50 8.64 1.30 2.07 4.38 10.80 1.30 2.24 5.08 12.96 1.30 2.59 6.48 17.28
S1M 1.73 2.76 5.84 14.40 2.16 3.44 7.30 18.00 2.16 3.74 8.46 21.60 2.16 4.32 10.80 28.80
S1H 2.70 4.30 9.11 22.46 3.37 5.37 11.38 28.08 3.37 5.83 13.21 33.70 3.37 6.74 16.85 44.93
S2L 0.86 1.38 3.46 8.64 1.08 1.73 4.32 10.80 1.08 1.87 5.04 12.96 1.08 2.16 6.48 17.28
S2M 1.44 2.30 5.76 14.40 1.80 2.88 7.20 18.00 1.80 3.12 8.40 21.60 1.80 3.60 10.80 28.80
S2H 2.25 3.59 8.99 22.46 2.81 4.49 11.23 28.08 2.81 4.87 13.10 33.70 2.81 5.62 16.85 44.93
S3 0.43 0.69 1.73 4.73 0.54 0.87 2.17 5.91 0.54 0.94 2.52 7.09 0.54 1.08 3.24 9.45
S4L 0.69 1.11 2.77 7.56 0.86 1.38 3.47 9.45 0.86 1.50 4.04 11.34 0.86 1.73 5.18 15.12
S4M 1.15 1.85 4.62 12.60 1.44 2.31 5.78 15.75 1.44 2.50 6.73 18.90 1.44 2.88 8.64 25.20
S4H 1.80 2.88 7.21 19.66 2.25 3.60 9.01 24.57 2.25 3.90 10.50 29.48 2.25 4.49 13.48 39.31
S5L 0.52 1.04 2.59 6.05 0.65 1.30 3.24 7.56 0 0 0 0 0 0 0 0 
S5M 0.86 1.73 4.32 10.08 1.08 2.16 5.40 12.60 0 0 0 0 0 0 0 0 
S5H 1.35 2.70 6.74 15.72 1.68 3.37 8.42 19.66 0 0 0 0 0 0 0 0 
C1L 0.72 1.15 2.88 7.20 0.90 1.44 3.60 9.00 0.90 1.56 4.20 10.80 0.90 1.80 5.40 14.40
C1M 1.20 1.92 4.80 12.00 1.50 2.40 6.00 15.00 1.50 2.60 7.00 18.00 1.50 3.00 9.00 24.00
C1H 1.73 2.76 6.91 17.28 2.16 3.46 8.64 21.60 2.16 3.74 10.08 25.92 2.16 4.32 12.96 34.56
C2L 0.58 1.10 2.84 7.20 0.72 1.37 3.55 9.00 0.72 1.52 4.17 10.80 0.72 1.80 5.40 14.40
C2M 0.96 1.83 4.74 12.00 1.20 2.29 5.92 15.00 1.20 2.53 6.95 18.00 1.20 3.00 9.00 24.00
C2H 1.38 2.64 6.82 17.28 1.73 3.30 8.53 21.60 1.73 3.64 10.00 25.92 1.73 4.32 12.96 34.56
C3L 0.43 0.86 2.16 5.04 0.54 1.08 2.70 6.30 0 0 0 0 0 0 0 0 
C3M 0.72 1.44 3.60 8.40 0.90 1.80 4.50 10.50 0 0 0 0 0 0 0 0 
C3H 1.04 2.07 5.18 12.10 1.30 2.59 6.48 15.12 0 0 0 0 0 0 0 0 
PC1 0.43 0.69 1.73 4.73 0.54 0.87 2.17 5.91 0.54 0.94 2.52 7.09 0.54 1.08 3.24 9.45
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Table C.1. (Continued) 
 Damage State Threshold Value (inches) 
 Pre-Code Low Code Moderate Code High Code 
B. T. S M E C S M E C S M E C S M E C 
PC2L 0.58 0.92 2.31 6.30 0.72 1.15 2.89 7.88 0.72 1.25 3.37 9.45 0.72 1.44 4.32 12.60
PC2M 0.96 1.54 3.85 10.50 1.20 1.92 4.81 13.12 1.20 2.08 5.61 15.75 1.20 2.40 7.20 21.00
PC2H 1.38 2.21 5.55 15.12 1.73 2.77 6.93 18.90 1.73 3.00 8.08 22.68 1.73 3.46 10.37 30.24
RM1L 0.58 0.92 2.31 6.30 0.72 1.15 2.89 7.88 0.72 1.25 3.37 9.45 0.72 1.44 4.32 12.60
RM1M 0.96 1.54 3.85 10.50 1.20 1.92 4.81 13.12 1.20 2.08 5.61 15.75 1.20 2.40 7.20 21.00
RM2L 0.58 0.92 2.31 6.30 0.72 1.15 2.89 7.88 0.72 1.25 3.37 9.45 0.72 1.44 4.32 12.60
RM2M 0.96 1.54 3.85 10.50 1.20 1.92 4.81 13.12 1.20 2.08 5.61 15.75 1.20 2.40 7.20 21.00
RM2H 1.38 2.21 5.55 15.12 1.73 2.77 6.93 18.90 1.73 3.00 8.08 22.68 1.73 3.46 10.37 30.24
URML 0.32 0.65 1.62 3.78 0.41 0.81 2.03 4.73 0 0 0 0 0 0 0 0 
URMM 0.50 1.01 2.52 5.88 0.63 1.26 3.15 7.35 0 0 0 0 0 0 0 0 
MH 0.38 0.77 2.30 6.72 0.48 0.96 2.88 8.40 0.48 0.96 2.88 8.40 0.48 0.96 2.88 8.40
C.2. FRAGILITY PARAMETERS 
In this section of Appendix C, fragility parameters, which are derived based on HAZUS 
capacity diagrams, are provided in both conventional and HAZUS compatible formats for 
the 36 building types. 
C.2.1. Conventional Fragility Relationships 
Table C.2 and Table C.3 provide the parameters of the conventional fragility 
relationships for the two soil profiles considered, i.e. lowlands and uplands. 
Table C.2. Parameters of the conventional fragility relationships for lowlands soil profile (B.T.: 
Building Type; capacity diagrams are based on HAZUS) 
Lowlands Soil Profile 
 Pre-Code
࢒࢔ࢇ૚ 
 
ࢼ࢚࢕࢚ 
L
࢒࢔ࢇ૚
ow ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ 
Mo
࢒࢔ࢇ૚
der  Coate
ࢇ૛ 
de 
ࢼ࢚࢕࢚ 
H
࢒࢔ࢇ૚ 
igh ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ B.T. ࢇ૛ 
W1 1.549 1.528 0.665 1.549 1.534 0.655 1.233 1.338 0.598 1.095 1.235 0.541
W2 2.292 1.663 0.655 2.295 1.668 0.649 1.800 1.517 0.656 1.367 1.248 0.560
S1L 2.596 1.551 0.635 2.605 1.562 0.631 2.217 1.479 0.645 1.839 1.273 0.593
S1M 3.260 1.311 0.631 3.273 1.309 0.630 3.041 1.253 0.640 2.781 1.046 0.593
S1H 3.669 1.084 0.517 3.680 1.087 0.519 3.612 1.058 0.512 3.506 0.926 0.505
S2L 2.426 1.670 0.647 2.436 1.676 0.642 1.973 1.605 0.664 1.469 1.321 0.600
S2M 3.064 1.416 0.620 3.079 1.420 0.618 2.754 1.309 0.637 2.429 1.039 0.576
S2H 3.511 1.114 0.597 3.520 1.115 0.600 3.378 0.977 0.601 3.336 0.878 0.557
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Table C.2. (Continued) 
Lowlands Soil Profile 
 Pre-Code Low ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ 
Mo
࢒࢔ࢇ૚
der  Coate
ࢇ૛ 
de 
ࢼ࢚࢕࢚ 
H
࢒࢔ࢇ૚ 
igh ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ B.T. ࢒࢔ࢇ૚ ࢇ૛ ࢼ࢚࢕࢚ ࢒࢔ࢇ૚
S3 2.426 1.670 0.647 2.436 1.676 0.642 1.973 1.605 0.664 1.469 1.321 0.600
S4L 2.412 1.714 0.646 2.420 1.719 0.641 1.967 1.716 0.666 1.404 1.450 0.632
S4M 2.910 1.480 0.629 2.923 1.487 0.624 2.583 1.417 0.661 2.225 1.213 0.617
S4H 3.384 1.237 0.611 3.398 1.233 0.607 3.199 1.150 0.628 3.025 0.999 0.603
S5L 2.365 1.732 0.648 2.367 1.736 0.644 0 0 0 0 0 0 
S5M 2.878 1.481 0.633 2.883 1.489 0.629 0 0 0 0 0 0 
S5H 3.379 1.219 0.608 3.379 1.223 0.609 0 0 0 0 0 0 
C1L 2.456 1.655 0.644 2.464 1.665 0.640 2.017 1.600 0.658 1.551 1.363 0.602
C1M 2.984 1.451 0.632 2.998 1.459 0.629 2.653 1.351 0.662 2.322 1.104 0.603
C1H 3.484 1.186 0.589 3.495 1.181 0.588 3.370 1.183 0.612 3.176 1.037 0.606
C2L 2.220 1.739 0.660 2.231 1.751 0.651 1.699 1.616 0.668 1.178 1.298 0.574
C2M 2.649 1.516 0.644 2.659 1.520 0.639 2.287 1.425 0.651 1.904 1.175 0.564
C2H 3.210 1.287 0.638 3.228 1.278 0.637 3.002 1.210 0.624 2.744 0.981 0.580
C3L 2.294 1.745 0.653 2.297 1.748 0.648 0 0 0 0 0 0 
C3M 2.707 1.519 0.636 2.709 1.522 0.635 0 0 0 0 0 0 
C3H 3.260 1.276 0.632 3.259 1.278 0.634 0 0 0 0 0 0 
PC1 2.103 1.737 0.667 2.116 1.754 0.656 1.547 1.548 0.661 1.052 1.207 0.541
PC2L 2.359 1.729 0.649 2.367 1.736 0.644 1.888 1.696 0.669 1.318 1.399 0.618
PC2M 2.754 1.515 0.633 2.765 1.519 0.628 2.419 1.474 0.653 2.012 1.256 0.600
PC2H 3.278 1.283 0.630 3.292 1.272 0.628 3.092 1.242 0.630 2.808 1.038 0.592
RM1L 2.183 1.745 0.661 2.194 1.756 0.652 1.649 1.600 0.668 1.120 1.260 0.565
RM1M 2.625 1.513 0.645 2.634 1.515 0.641 2.262 1.417 0.648 1.874 1.152 0.549
RM2L 2.183 1.745 0.661 2.194 1.756 0.652 1.649 1.600 0.668 1.120 1.260 0.565
RM2M 2.625 1.513 0.645 2.634 1.515 0.641 2.262 1.417 0.648 1.874 1.152 0.549
RM2H 3.204 1.274 0.637 3.222 1.266 0.635 3.004 1.198 0.616 2.753 0.973 0.571
URML 1.895 1.701 0.676 1.899 1.707 0.668 0 0 0 0 0 0 
URMM 2.534 1.575 0.635 2.536 1.579 0.632 0 0 0 0 0 0 
MH 2.103 1.737 0.667 2.108 1.745 0.658 2.108 1.745 0.658 2.108 1.745 0.658
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Table C.3. Parameters of the conventional fragility relationships for uplands soil profile (B.T.: 
Building Type; capacity diagrams are based on HAZUS) 
Uplands Soil Profile 
 Pre-Code 
ࢼ࢚࢕࢚ 
L
࢒࢔ࢇ૚
ow ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ 
Mo
࢒࢔ࢇ૚
der  Coate
ࢇ૛ 
de 
ࢼ࢚࢕࢚ 
H
࢒࢔ࢇ૚ 
igh ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ B.T. ࢒࢔ࢇ૚ ࢇ૛ 
W1 1.257 1.399 0.620 1.254 1.402 0.613 0.982 1.203 0.521 0.891 1.124 0.476
W2 2.050 1.683 0.632 2.053 1.691 0.622 1.490 1.411 0.620 1.103 1.101 0.490
S1L 2.403 1.656 0.578 2.416 1.669 0.573 1.867 1.414 0.596 1.488 1.122 0.520
S1M 3.273 1.464 0.572 3.293 1.471 0.573 2.954 1.400 0.573 2.575 1.115 0.511
S1H 3.765 1.163 0.563 3.782 1.170 0.559 3.681 1.190 0.613 3.511 1.078 0.567
S2L 2.227 1.718 0.614 2.240 1.727 0.607 1.682 1.519 0.643 1.191 1.166 0.516
S2M 2.919 1.540 0.573 2.938 1.549 0.567 2.473 1.319 0.576 2.132 1.004 0.491
S2H 3.628 1.282 0.590 3.649 1.293 0.586 3.390 1.163 0.590 3.196 0.977 0.513
S3 2.227 1.718 0.614 2.240 1.727 0.607 1.682 1.519 0.643 1.191 1.166 0.516
S4L 2.201 1.752 0.618 2.211 1.762 0.609 1.669 1.626 0.658 1.128 1.304 0.565
S4M 2.719 1.602 0.569 2.728 1.606 0.563 2.275 1.452 0.587 1.831 1.121 0.522
S4H 3.372 1.376 0.573 3.393 1.379 0.567 3.094 1.274 0.572 2.789 1.017 0.503
S5L 2.139 1.748 0.629 2.143 1.755 0.619 0 0 0 0 0 0 
S5M 2.670 1.588 0.573 2.671 1.594 0.568 0 0 0 0 0 0 
S5H 3.361 1.368 0.571 3.364 1.375 0.571 0 0 0 0 0 0 
C1L 2.262 1.728 0.605 2.275 1.740 0.600 1.711 1.545 0.635 1.221 1.204 0.524
C1M 2.805 1.576 0.572 2.817 1.585 0.567 2.351 1.382 0.571 1.986 1.084 0.507
C1H 3.504 1.312 0.561 3.515 1.311 0.558 3.333 1.344 0.594 3.014 1.132 0.549
C2L 1.958 1.717 0.646 1.968 1.728 0.640 1.400 1.491 0.645 0.950 1.168 0.494
C2M 2.425 1.598 0.584 2.440 1.607 0.578 1.916 1.332 0.593 1.567 1.033 0.499
C2H 3.205 1.479 0.579 3.228 1.484 0.579 2.825 1.311 0.584 2.484 1.011 0.504
C3L 2.050 1.739 0.638 2.052 1.745 0.630 0 0 0 0 0 0 
C3M 2.507 1.614 0.579 2.509 1.621 0.572 0 0 0 0 0 0 
C3H 3.266 1.472 0.581 3.271 1.478 0.579 0 0 0 0 0 0 
PC1 1.824 1.681 0.658 1.834 1.691 0.652 1.265 1.411 0.626 0.876 1.108 0.475
PC2L 2.130 1.747 0.628 2.143 1.755 0.619 1.590 1.593 0.661 1.059 1.253 0.545
PC2M 2.573 1.624 0.572 2.585 1.627 0.566 2.096 1.441 0.602 1.650 1.100 0.527
PC2H 3.294 1.462 0.579 3.311 1.461 0.579 2.981 1.399 0.590 2.550 1.070 0.518
RM1L 1.916 1.708 0.651 1.926 1.717 0.644 1.358 1.470 0.644 0.917 1.141 0.488
RM1M 2.391 1.577 0.590 2.406 1.585 0.583 1.888 1.300 0.594 1.563 1.013 0.496
RM2L 1.916 1.708 0.651 1.926 1.717 0.644 1.358 1.470 0.644 0.917 1.141 0.488
RM2M 2.391 1.577 0.590 2.406 1.585 0.583 1.888 1.300 0.594 1.563 1.013 0.496
RM2H 3.190 1.471 0.583 3.212 1.476 0.581 2.803 1.286 0.587 2.476 0.990 0.502
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Table C.3. (Continued) 
Uplands Soil Profile 
 Pre-Code
࢒࢔ࢇ૚ 
 
ࢼ࢚࢕࢚ 
L
࢒࢔ࢇ૚
ow ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ 
Mo
࢒࢔ࢇ૚
der  Coate
ࢇ૛ 
de 
ࢼ࢚࢕࢚ 
H
࢒࢔ࢇ૚ 
igh ode C
ࢇ૛ 
 
ࢼ࢚࢕࢚ B.T. ࢇ૛ 
URML 1.606 1.603 0.669 1.606 1.606 0.663 0 0 0 0 0 0 
URMM 2.331 1.627 0.606 2.333 1.634 0.598 0 0 0 0 0 0 
MH 1.824 1.681 0.658 1.822 1.683 0.651 1.822 1.683 0.651 1.822 1.683 0.651
C.2.2. HAZUS Compatible Fragility Relationships 
Table C.4 and Table C.5 provide the parameters of the conventional fragility 
relationships for the two soil profiles considered, i.e. lowlands and uplands. 
Comparison of standard deviation values can be found in Figure C.1, Figure C.2, and 
Figure C.3, for low, moderate, and high code seismic design levels respectively. 
Table C.4. Parameters of the HAZUS compatible fragility relationships for lowlands soil profile 
(B.T.: Building Type; capacity diagrams are based on HAZUS) 
Lowlands Soil Profile 
 
Pre-Code esign 
ev
 D
el 
ࢼ࢚࢕࢚૜  
L
ࢼ࢚࢕࢚૛  
Low Code esi  
ev
 D
el 
ࢼ࢚࢕࢚૜
gn
ࢼ࢚࢕࢚૝
L
ࢼ࢚࢕࢚૛
Mo erate Cod
D gn L vel
d
esi
ࢼ࢚࢕࢚૛
e 
 
ࢼ࢚࢕࢚૝  
e
ࢼ࢚࢕࢚૜
High Code Desi  
ev
gn
ࢼ࢚࢕࢚૝
L
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜B.T. ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૚  
W1 0.46 0.47 0.66 0.80 0.44 0.49 0.69 0.77 0.43 0.45 0.59 0.81 0.43 0.45 0.57 0.69
W2 0.51 0.66 0.76 0.66 0.55 0.67 0.73 0.64 0.47 0.54 0.76 0.72 0.44 0.47 0.74 0.61
S1L 0.60 0.68 0.71 0.60 0.64 0.77 0.69 0.63 0.49 0.60 0.76 0.62 0.45 0.48 0.68 0.61
S1M 0.55 0.58 0.68 0.62 0.63 0.60 0.61 0.61 0.58 0.58 0.62 0.64 0.54 0.53 0.59 0.77
S1H 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41
S2L 0.59 0.67 0.79 0.66 0.62 0.68 0.76 0.66 0.48 0.56 0.75 0.72 0.44 0.47 0.73 0.67
S2M 0.40 0.40 0.40 0.40 0.40 0.40 0.40 0.40 0.50 0.54 0.65 0.64 0.49 0.48 0.59 0.60
S2H 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41
S3 0.40 0.56 0.71 0.72 0.54 0.59 0.73 0.72 0.46 0.46 0.62 0.79 0.50 0.44 0.52 0.78
S4L 0.66 0.71 0.75 0.69 0.69 0.72 0.77 0.67 0.51 0.59 0.73 0.75 0.45 0.49 0.70 0.74
S4M 0.57 0.67 0.67 0.66 0.62 0.72 0.66 0.64 0.51 0.54 0.71 0.65 0.47 0.48 0.68 0.68
S4H 0.63 0.61 0.60 0.57 0.55 0.57 0.60 0.55 0.53 0.53 0.62 0.54 0.54 0.52 0.56 0.41
S5L 0.60 0.69 0.74 0.73 0.59 0.72 0.74 0.70 0 0 0 0 0 0 0 0 
S5M 0.48 0.64 0.70 0.63 0.52 0.72 0.66 0.64 0 0 0 0 0 0 0 0 
S5H 0.96 0.58 0.61 0.53 0.66 0.54 0.63 0.54 0 0 0 0 0 0 0 0 
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Table C.4. (Continued) 
Lowlands Soil Profile 
 
Pre-Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜  
Low Code Design 
vLe
ࢼ࢚࢕࢚૛
el 
ࢼ࢚࢕࢚૜
Moderate Code 
D n L elesig
ࢼ࢚࢕࢚૛
ev
ࢼ࢚࢕࢚૜
 
ࢼ࢚࢕࢚૝  
High Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜B.T. ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૝ ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝
C1L 0.59 0.66 0.77 0.70 0.61 0.67 0.77 0.65 0.49 0.54 0.72 0.74 0.44 0.48 0.66 0.67
C1M 0.51 0.64 0.68 0.67 0.58 0.70 0.65 0.66 0.51 0.57 0.72 0.67 0.45 0.48 0.63 0.72
C1H 0.68 0.70 0.56 0.55 0.61 0.65 0.52 0.59 0.56 0.56 0.59 0.55 0.41 0.41 0.41 0.41
C2L 0.48 0.66 0.75 0.75 0.58 0.66 0.76 0.70 0.45 0.53 0.69 0.77 0.42 0.47 0.70 0.73
C2M 0.54 0.67 0.72 0.61 0.57 0.73 0.71 0.61 0.45 0.53 0.71 0.60 0.44 0.45 0.67 0.60
C2H 0.61 0.56 0.59 0.64 0.52 0.58 0.61 0.63 0.54 0.53 0.58 0.67 0.57 0.54 0.57 0.64
C3L 0.53 0.63 0.74 0.73 0.50 0.66 0.74 0.74 0 0 0 0 0 0 0 0 
C3M 0.45 0.61 0.76 0.63 0.51 0.70 0.76 0.61 0 0 0 0 0 0 0 0 
C3H 1.02 0.56 0.62 0.63 0.64 0.56 0.57 0.63 0 0 0 0 0 0 0 0 
PC1 0.40 0.55 0.68 0.78 0.47 0.53 0.71 0.76 0.44 0.45 0.58 0.74 0.43 0.43 0.50 0.74
PC2L 0.60 0.69 0.73 0.73 0.63 0.69 0.77 0.70 0.48 0.54 0.72 0.78 0.42 0.47 0.62 0.74
PC2M 0.56 0.67 0.73 0.62 0.66 0.68 0.72 0.61 0.44 0.54 0.74 0.61 0.44 0.45 0.68 0.66
PC2H 0.63 0.59 0.60 0.64 0.53 0.58 0.62 0.60 0.54 0.49 0.58 0.65 0.58 0.54 0.54 0.69
RM1L 0.48 0.60 0.73 0.75 0.59 0.64 0.72 0.75 0.43 0.50 0.68 0.79 0.41 0.44 0.58 0.75
RM1M 0.52 0.59 0.75 0.62 0.54 0.67 0.72 0.60 0.43 0.48 0.73 0.64 0.44 0.43 0.61 0.52
RM2L 0.48 0.60 0.73 0.75 0.59 0.64 0.72 0.75 0.43 0.50 0.68 0.79 0.41 0.44 0.58 0.75
RM2M 0.52 0.59 0.75 0.62 0.54 0.67 0.72 0.60 0.43 0.48 0.73 0.64 0.44 0.43 0.61 0.52
RM2H 0.60 0.58 0.60 0.64 0.53 0.53 0.57 0.63 0.56 0.50 0.55 0.65 0.57 0.56 0.51 0.73
URML 0.40 0.46 0.63 0.72 0.40 0.47 0.65 0.71 0.00 0 0 0 0 0 0 0 
URMM 0.48 0.53 0.77 0.71 0.42 0.55 0.77 0.64 0.00 0 0 0 0 0 0 0 
MH 0.41 0.56 0.70 0.77 0.40 0.55 0.69 0.74 0.40 0.55 0.69 0.74 0.40 0.55 0.69 0.74
Table C.5. Parameters of the HAZUS compatible fragility relationships for uplands soil profile 
(B.T.: Building Type; capacity diagrams are based on HAZUS) 
Uplands Soil Profile 
 
Pre-Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜  
Low Code Design 
evL
ࢼ࢚࢕࢚૛
el 
ࢼ࢚࢕࢚૜
Moderate Code 
D gn L velesi
ࢼ࢚࢕࢚૛
e
ࢼ࢚࢕࢚૜
 
ࢼ࢚࢕࢚૝  
High Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜B.T. ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૝ ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝
W1 0.50 0.45 0.61 0.75 0.44 0.46 0.62 0.82 0.42 0.43 0.53 0.63 0.43 0.43 0.50 0.40
W2 0.52 0.58 0.69 0.67 0.52 0.63 0.64 0.63 0.46 0.49 0.72 0.68 0.45 0.47 0.52 0.41
S1L 0.51 0.57 0.60 0.58 0.57 0.60 0.61 0.58 0.50 0.51 0.54 0.58 0.47 0.49 0.51 0.70
S1M 0.49 0.51 0.56 0.62 0.57 0.52 0.64 0.58 0.55 0.52 0.46 0.63 0.50 0.48 0.47 0.54
S1H 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41
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Table C.5. (Continued) 
Uplands Soil Profile 
 
Pre-Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜  
Low Code Design 
vLe
ࢼ࢚࢕࢚૛
el 
ࢼ࢚࢕࢚૜
Moderate Code 
D n L elesig
ࢼ࢚࢕࢚૛
ev
ࢼ࢚࢕࢚૜
 
ࢼ࢚࢕࢚૝  
High Code Design 
evL
ࢼ࢚࢕࢚૛  
el 
ࢼ࢚࢕࢚૜B.T. ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝  ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૝ ࢼ࢚࢕࢚૚ ࢼ࢚࢕࢚૚  ࢼ࢚࢕࢚૝
S2L 0.53 0.64 0.70 0.64 0.58 0.63 0.69 0.63 0.47 0.50 0.74 0.65 0.44 0.46 0.55 0.61
S2M 0.48 0.50 0.58 0.61 0.48 0.53 0.59 0.58 0.52 0.45 0.54 0.62 0.53 0.47 0.49 0.47
S2H 0.65 0.46 0.54 0.41 0.58 0.54 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41 0.41
S3 0.44 0.53 0.66 0.68 0.40 0.55 0.71 0.66 0.47 0.47 0.55 0.73 0.51 0.44 0.48 0.59
S4L 0.61 0.72 0.70 0.65 0.65 0.71 0.67 0.66 0.48 0.55 0.73 0.64 0.43 0.46 0.65 0.88
S4M 0.58 0.40 0.40 0.40 0.53 0.40 0.40 0.40 0.49 0.50 0.56 0.60 0.45 0.48 0.50 0.51
S4H 0.51 0.51 0.58 0.57 0.47 0.48 0.58 0.58 0.49 0.47 0.51 0.56 0.55 0.48 0.47 0.50
S5L 0.44 0.66 0.73 0.65 0.58 0.68 0.69 0.62 0 0 0 0 0 0 0 0 
S5M 0.47 0.58 0.58 0.59 0.57 0.61 0.56 0.60 0 0 0 0 0 0 0 0 
S5H 0.66 0.49 0.56 0.58 0.57 0.52 0.53 0.56 0 0 0 0 0 0 0 0 
C1L 0.52 0.57 0.68 0.64 0.54 0.66 0.68 0.63 0.49 0.49 0.67 0.64 0.46 0.48 0.51 0.71
C1M 0.53 0.52 0.54 0.68 0.51 0.50 0.54 0.64 0.47 0.48 0.53 0.60 0.51 0.47 0.48 0.53
C1H 0.59 0.51 0.61 0.65 0.48 0.60 0.64 0.61 0.50 0.49 0.57 0.63 0.54 0.46 0.50 0.56
C2L 0.48 0.58 0.74 0.63 0.49 0.66 0.69 0.62 0.44 0.48 0.68 0.77 0.41 0.44 0.51 0.53
C2M 0.54 0.55 0.65 0.57 0.51 0.59 0.65 0.54 0.45 0.50 0.60 0.57 0.44 0.46 0.49 0.46
C2H 0.53 0.53 0.58 0.64 0.49 0.55 0.59 0.60 0.47 0.51 0.49 0.63 0.50 0.48 0.48 0.45
C3L 0.40 0.59 0.73 0.66 0.46 0.62 0.71 0.62 0 0 0 0 0 0 0 0 
C3M 0.49 0.57 0.66 0.60 0.53 0.58 0.65 0.53 0 0 0 0 0 0 0 0 
C3H 0.66 0.53 0.54 0.64 0.57 0.55 0.56 0.62 0 0 0 0 0 0 0 0 
PC1 0.40 0.48 0.68 0.69 0.43 0.50 0.74 0.65 0.43 0.43 0.55 0.79 0.42 0.42 0.47 0.44
PC2L 0.48 0.63 0.74 0.64 0.59 0.67 0.72 0.62 0.44 0.48 0.74 0.71 0.42 0.44 0.58 0.72
PC2M 0.57 0.57 0.67 0.56 0.55 0.63 0.62 0.56 0.45 0.51 0.61 0.54 0.44 0.47 0.53 0.54
PC2H 0.54 0.58 0.62 0.62 0.51 0.58 0.60 0.60 0.47 0.49 0.52 0.63 0.49 0.47 0.48 0.51
RM1L 0.48 0.54 0.77 0.64 0.48 0.61 0.76 0.64 0.43 0.45 0.66 0.82 0.41 0.43 0.52 0.48
RM1M 0.51 0.54 0.64 0.58 0.49 0.60 0.65 0.54 0.44 0.49 0.58 0.64 0.45 0.44 0.52 0.57
RM2L 0.48 0.54 0.77 0.64 0.48 0.61 0.76 0.64 0.43 0.45 0.66 0.82 0.41 0.43 0.52 0.48
RM2M 0.51 0.54 0.64 0.58 0.49 0.60 0.65 0.54 0.44 0.49 0.58 0.64 0.45 0.44 0.52 0.57
RM2H 0.54 0.52 0.54 0.64 0.48 0.54 0.56 0.61 0.48 0.50 0.51 0.63 0.50 0.48 0.48 0.46
URML 0.40 0.46 0.58 0.78 0.48 0.46 0.64 0.74 0 0 0 0 0 0 0 0 
URMM 0.41 0.51 0.63 0.66 0.45 0.58 0.67 0.62 0 0 0 0 0 0 0 0 
MH 0.40 0.48 0.73 0.66 0.40 0.51 0.74 0.63 0.40 0.51 0.74 0.63 0.40 0.51 0.74 0.63
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Figure C.1. Comparison of standard deviation values from HAZUS and improved fragility analysis – low code seismic design level 
 
 
 Moderate Code Seismic Design Level
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Figure C.2. Comparison of standard deviation values from HAZUS and improved fragility analysis – moderate code seismic design level 
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High Code Seismic Design Level
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Figure C.3. Comparison of standard deviation values from HAZUS and improved fragility analysis – high code seismic design level 
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